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FOREWORD 
This report presents the results of the first task of a two-task 
study on the engineering characterization of earthquake ground motion for 
nuclear power plant design. The overall objective of this study is to 
develop recommendations for methods for selecting design response spectra 
or acceleration tine histories to be used to characterize motion at the 
foundation level of nuclear power plants. 
Task I of the study, presented herein, develops a basis for 
selecting design response spectra, taking into account the characteris-
tics of free-field ground motion found to be significant in causing 
structural damage. Task II of the study, to be completed later in 1984, 
will provide recommendations for methods for selecting response spectra 
and time histories incorporating wave passage and soil-structure inter-
action effects and Task I results. 
This study is being conducted under Contract No. NRC 04-80-192 
with the U.S. Nuclear Regulatory Commission (USNRC). Woodward-Clyde 
Consultants (WCC) is the prime contractor for the project. Task I has 
been carried out primarily by Structural Mechanics Associates, Inc. 
(SMA), as a subcontractor to WCC. 
In addition to the listed authors of this report, several 
individuals made important contributions to the study. These individuals 
included T. R. Kipp and H. Banon of SMA; and C.-Y. Chang and R. R. 
Youngs of WCC. Project consultants, W. J. Hall of the University of 
Illinois, Champaign; J. E. Luco of the University of California, San 
Diego; J. M. Roesset of the University of Texas, Austin; H. B. Seed of 
the University of California, Berkeley; and N. C. Tsai of NCT Engi-
neering, Inc., Lafayette, California, provided a detailed review of 
draft versions of the report and made many useful comments. J. F. 
Costello provided overall technical guidance and review in his role 
as technical representative of the USNRC for this research project. 
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This report provides a summary of the results obtained during 
the f i r s t phase of an ongoing project with the objective of providing 
guidance and the development of procedures for the characterization of 
earthquake ground motion used for design of nuclear power plant struc-
tures. The overall study ef for t is divided into two separate tasks: 
I : The development of a basis for selecting design response 
spectra based on f ree- f ie ld motion. 
I I : The development of recommendations for methods for 
selecting design response spectra and time histories to be 
used as input motions at the foundation level . 
This report is concerned with the Task I ef for t only. The work performed 
consists of (1) the development of a procedure for estimating reduction 
factors that provide equal-damage effective response spectra, (2) the 
comparison of ground motions on the basis of equal structural damage 
potential and (3) a review of the design basis and observed behavior of 
actual structures due to past damaging earthquakes. 
1.1 BACKGROUND (LITERATURE REVIEW) 
The ground motion input for the seismic evaluation and design of 
nuclear power plants is generally defined in terms of a design response 
spectrum for which the structure is expected to remain elast ic. The 
design response spectrum is generally a broadbanded spectrum with broad 
frequency content. I t expresses the peak linear response of a whole 
series of single-degree-of-freedom oscil lators at a specified damping 
leve l . Either site-independent or site-dependent response spectra are 
specified. A site-independent sprectrum uses a broad standard spectrum 
shape which is considered applicable to a wide range of local geologic 
and seismological conditions, while a site-dependent spectrum tends to be 
less broadbanded as i t depends at least in part on particular local site 
conditions. Figure 1-1 presents a representative site-independent 
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response spectrum which has been commonly used for nuclear power plants 
in the United States [USNRC (1973a)]. This spectrum (as well as most 
other site-independent spectra) is anchored to a design ground acceler-
ation with the entire spectrum normally being defined in terms of this 
one ground motion parameter. Newmark (1973) states that in the frequency 
region of interest (approximately 1.8 to 10 Hz) for stiff nuclear power 
plant structures, the design spectra are most appropriately anchored to 
the design ground acceleration. Thus, as a minimum the ground motion 
parameter which must be defined is the design ground acceleration. 
Seismologists have tended to concentrate on defining ground 
motion in terms of an instrumental peak acceleration, which represents 
the absolute peak acceleration recorded during the entire earthquake 
motion by a reliable strong-motion instrument situated at the free ground 
surface (i.e., not significantly influenced by soil-structure interaction 
or local topographic conditions). This parameter represents a relatively 
easily determined quantitative value not strongly influenced by subjective 
judgments. Unfortunately, as illustrated by many studies (e.g., see 
Hoffman, 1974; Page and others, 1972; Housner, 1975, 1979; Housner and 
Jennings, 1977; Newmark, 1975; Blume, 1979; Nuttli, 1979, Kennedy, 1980), 
the instrumental peak acceleration is, by itself, a poor measure of the 
damaging potential of earthquake ground motions. It has been noted, par-
ticularly in connection with near-source motions due to low-to-moderate-
magnitude earthquakes, that structures have performed much better during 
earthquakes than would be predicted considering the instrumental peak 
acceleration to which the structures were subjected. Examples of this 
behavior may be seen from the 1966 Parkfield earthquake, the 1971 Pacoima 
Dam earthquake record, the 1972 Ancona earthquakes, and the 1972 Melendy 
Ranch Barn earthquake record. These earthquake records had instrumental 
peak accelerations of between 0.5 and 1.2g and yet, only minor damage 
occurred in the vicinity of the recording sites. In these cases and 
others, the differences in measured ground motion, design levels, and 
observed behavior is so great that it cannot be reconciled with typical 
safety factors associated with elastic seismic analyses used for design. 
This subject is discussed in more detail in Newmark and Hall, 1982. 
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The problem with instrumental peak acceleration is twofold. 
First, a limited number of high frequency spikes of high acceleration but 
yery short duration have little effect on the elastic response spectra 
within the region of primary interest (1.8 to 10 Hz). This problem can 
be corrected through the use of a design ground acceleration value that 
is often called "effective peak acceleration" and is defined herein as 
that acceleration at which the design response spectrum is anchored at 
zero-period (or y&ry high frequency). The design ground acceleration can 
be defined by the methods reviewed by Kennedy (1980, 1981) if the purpose 
is to anchor an elastic response spectrum for computing peak elastic 
structural response. However, the second problem is that an elastic 
response spectrum anchored to any of these design ground acceleration 
values or to the instrumental peak acceleration does not provide a good 
measure of damage to structures. Elastic response spectra describe 
elastic response while structure damage is related to structures being 
strained into the inelastic range in which the duration of motion or the 
number of cycles of straining as well as the nature of such cycles sub-
stantially influence the damage. The elastic spectrum ignores the effect 
of duration and underestimates the effect of the number of cycles of 
near-peak excursions on damage. 
1.1.1 Effective Ground Acceleration for Anchoring Elastic Spectra 
Much research has been conducted for the purpose of defining 
"effective" design ground accelerations to use as anchor accelerations 
for elastic design spectra. In general, the elastic response spectrum 
used in design should have a broad frequency content and should be smooth 
(i.e., not contain large differences in spectral amplitude for minor 
shifts in natural frequency). This is required because the specific 
frequency content of a future earthquake ground motion cannot be accu-
rately specified and two different ground motions recorded at the same 
site may have different frequency content. However, recorded instrumental 
ground motions often lead to elastic response spectra with narrower fre-
quency content than smooth design spectra and with many peaks and valleys 
(i.e., substantial differences in the spectral response for minor shifts 
in natural frequency). The narrow frequency content of the spectra and 
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the differences in amplitudes between peaks and valleys increases as the 
effective duration of the motion decreases. Thus, real spectra derived 
from actual short duration earthquake records differ more from the broad 
idealized design spectra than do spectra derived from the recorded long 
duration records. Yet normally, it may not be prudent in design to take 
advantage of the narrow frequency content and large differences between 
the amplitudes of peaks and valleys associated with these short duration 
spectra because their frequency content could vary over a wide range for 
different earthquakes. One often proposed solution to this problem is to 
anchor the broad design spectrum to a reduced "effective" ground accel-
eration such that "on the average" the broad frequency, smooth design 
spectrum will predict about the same elastic response as would be pre-
dicted by the actual spectra. 
Even within the higher frequency range (1.8 to 10 Hz) the elasti 
response spectrum values are primarily influenced by the energy contained 
within a number of cycles of ground motion and are little influenced by a 
few spikes of very high acceleration. Blume (1979) has shown that 
clipping the highest 30% off the measured acceleration time history 
(using only 70% of the record, in an absolute sense, closest to the zero 
line) produced only about a 5% reduction in the elastic response 
spectrum. Similar results have been shown by Schnabel and Seed (1973) 
and Ploessel and Slosson (1974). Newmark (1976) has shown that the 
elastic response spectrum from the 1.25g Pacoima Dam record can be 
conservatively enveloped within the frequency range of interest by a 
broadbanded design spectrum anchored to a design ground acceleration of 
0.75g. These findings have led to a number of recommendations for 
defining an effective design acceleration, A Q , including the use of 
sustained or repeatable peak acceleration (Nuttli, 1979), the use of an 
equivalent cyclic motion (Whitman, 1978), and the use of filtered time 
histories in which high frequency spikes are removed by passing the 
measured time history through an 8 to 9 Hz cutoff frequency filter (Page 
and others, 1972; Ploessel and Slosson, 1974). Based upon a review of 
these recommendations, Kennedy (1980) has suggested that the effective 
design acceleration, Ap for elastic response might be defined by: 
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AQ = 1.25 * A3P (1-1) 
where A^p is the third highest peak acceleration from the f i l te red time 
history record. The f i l t e r chosen by Page (1972) which is centered at 
8.5 Hz with a value of 1.0 at 8.0 Hz and 0.0 at 9.0 Hz appears to be a 
reasonable f i l t e r approach. This def ini t ion is i l lustrated using the 
1.25g Pacoima Dam record. Figure 1-2 presents the unfi l tered and f i l te red 
Pacoima Dam record. The th i rd highest peak, A^p, from the f i l te red 
record is 0.62g as opposed to an unfi ltered peak acceleration of approxi-
mately 1.2g. The Ap from Equation 1-1 is 0.78g which agrees with 
Newmark's (1976) recommendations for this record. On the other hand, for 
the 1940 north-south El Centro record in which there were several lower 
frequency near-peak excursions the design ground acceleration, Ar,, would 
be essentially equal to the instrumental peak acceleration of Q.35q by 
this def in i t ion. 
Another approach to defining an effective "elastic" design 
ground motion is in terms of the energy content of the earthquake. Arias 
(1970) and Housner (1975) have suggested that E(T) given by: 
. / ' - " ' . . E(T) = J a'=(t)dt (1-2) 
to 
can serve as a measure of the total energy between time t and time 
tg + TQ. The Arias Intensity is proportional to E(T). In Equation 
1-2, a(t) represents the instrumental acceleration at time t, and Tr, is 
the duration of strong motion. The average rate of energy input (earth-
quake power) is then given by: 
P = E(T)/T[j (1-3) 
Alternately, Mortgat (1979), and McCann and Shah (1979) have suggested 
the root-mean-square acceleration, rms, as the ground motion parameter of 
interest. This rms acceleration is given by: 
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rms = V P (1-4) 
Both the power, P, and rms acceleration are heavily influenced by the pro-
cedure used to select the duration of strong motion, TQ. Often the 
duration of strong motion has been selected as the time between the first 
and last excursion of the absolute acceleration above a selected percent-
age of the peak acceleration (such as 10 or 20 percent) or the time 
between the first and last crossing of a particular acceleration level 
(such as 0.05g). Such definitions give anomalous results for duration, 
power, and rms acceleration for a record such as the 1940 El Centro record 
which appears to consist of three distinct zones of strong motion during 
the time history. Kennedy, (1980) has suggested that the cumulative time 
the ground motion exceeds a selected percentage (such as 10 percent) of 
the peak acceleration provides a more consistent estimate of the strong 
motion duration, power, and rms acceleration for a number of records. 
Duration defined in this manner is referred to as T^ in this report. 
In the analytical studies reported in later chapters of this 
report, the strong duration, T^ is defined by: 
"""[) = """M - ''"0.05 where T^ = max { " T ^ } (1-5) 
where T Q 75 and T Q 05 represent the time at which 75% and 5%, respec-
tively, of the total energy as measured by / a^ dt has been reached. If 
the time of maximum positive or negative ground acceleration occurs after 
^0.75» *'̂ ®" ^^^ ^̂ ""̂  ^pa °^ ^^^ first zero crossing after the time of 
peak acceleration is used in lieu of T Q 75. The reasons for the use of 
this definition of duration are described in Chapter 2. Strong durations 
by this definition are shown in Table 2-3. For the San Fernando records 
with peak ground accelerations in excess of 0.2g, the strong durations 
T Q were generally 5 to 6 seconds while T Q was generally 9 to 10 
seconds. Thus, these records might be said to have 5 to 6 seconds of 
strong duration, or 9 to 10 seconds depending upon the strong duration 
definition. By some other definitions, these records would have strong 
durations of about 12 seconds. The reported strong duration can differ 
by more than a factor of 2 depending on the definition. 
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Use of the rms acceleration as the basis for the design accelera-
tion, A Q , has many attractions. It is an easily computed quantity once 
a definition for T Q is accepted. As shown by Mortgat (1979), it 
enables a design acceleration to be selected at any desired probability 
of exceedance. A design acceleration defined in this fashion can be used 
to define the elastic response spectrum with a given probability of 
exceedance. The design acceleration is related to the rms acceleration 
by: 
AQ = Kp * rms (1-6) 
where K is a function of the acceptable exceedance probability for each 
individual peak of the time history. Considering the design acceleration 
as a median estimate of the maximum acceleration over the duration of 
strong motion for a stationary random Gaussian motion, Vanmarcke and Lai 
(1980) have determined K„ to be: 
Kp = v/2 an (2.8 TQ/T^) (1-7) 
except K is not less than ^/^ where T Q is the predominant period of 
the ground motion which can be taken to be between 0.2 and 0.4 seconds 
for most records. Kennedy (1980) has reported that Equations 1-6 and 1-7 
appear to work well for defining a design acceleration to which elastic 
response spectra can be anchored. 
The usage of Equations 1-2 through 1-7 can be illustrated using 
the 0.7g 1972 Melendy Ranch recording (Figure 1-3) and the 0.18g 1952 Taft 
recording (Figure 1-4). Both records contain relatively similar total 
energy content despite the nearly fourfold greater instrumental peak 
acceleration for the Melendy Ranch record. The Melendy Ranch record has 
a much shorter strong motion duration (TQ) of about 1.5 seconds versus 
about 16 seconds for the Taft record. With these durations, the design 
accelerations given by Equations 1-6 and 1-7 are 0.34g for the Melendy 
Ranch record and 0.14g for the Taft record. The design acceleration 
ranges from less than 50 percent of the instrumental peak acceleration 
for Melendy Ranch to 70 percent for Taft which illustrates the expected 
effect of the short duration for Melendy Ranch. 
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For several earthquake records. Table 1-1 compares instrumental 
peak accelerations, and design accelerations given by Equations 1-1 or 1-6 
and 1-7 (T^ = 0.3 seconds) based on a duration, TQ. Also presented 
is the strong motion duration, TQ. In each case, the design accelera-
tion from Equations 1-1 or 1-6 and 1-7 is judged to be a consistent basis 
for anchoring the design response spectrum for the purpose of computing 
elastic response in the 1.8 to 10 Hz frequency range. One can note the 
influence of duration on the ratio of AQ to Ajp (instrumental peak 
acceleration) for elastic response. 
Either the approach of Equation 1-1 or Equations 1-6 and 1-7 have 
been reported by Kennedy (1980) to provide reasonable estimates of 
"effective" design accelerations to be used to anchor elastic design 
response spectra for elastic analyses. However, it was already mentioned 
that comparisons of elastic response do not provide a good description of 
relative damage from two different ground motions. Therefore, neither 
method of defining a design acceleration provides an adequate characteri-
zation of the damage capability of earthquake ground motion in every case. 
1.1.2 Effect of Duration on Damage Capability 
There are energy absorbing mechanisms that occur during seismic 
response of structures that limit the resisting force levels such that a 
limited number of cycles of very high acceleration input ground motion 
might result in only minor damage and not affect the primary function of 
the structural system. Such energy absorbing mechanisms include concrete 
cracking, minor bond slip of reinforcement bars, friction at bolted 
connections and other locations, and other mechanisms. These energy 
absorbing mechanisms cause nonlinear behavior of sufficient amount to 
considerably reduce required design force levels from those calculated 
assuming totally elastic behavior. For each cycle of earthquake motion, 
energy absorption has a small deteriorating or degrading effect on the 
structure; for sufficient numbers of cycles these degrading effects would 
eventually accumulate to produce noticeable structural damage. For 
example, when a reinforced concrete shear wall is subjected to sufficient 
transverse shear forces during an earthquake, the concrete will crack 
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even though the steel continues to behave elastically. This would consti-
tute acceptable behavior even for a critical facility such as a nuclear 
power plant. Such a member in shear would exhibit softer unloading 
stiffness and degrading stiffness during reloading because the concrete 
cracks do not heal during unloading and the concrete begins to deterio-
rate. For a limited number of cycles of seismic response such that the 
energy of the seismic excitation was less than the energy absorption 
capacity of the structure, such a structure as that described would shake 
down to pseudo-elastic behavior possibly at a reduced stiffness and 
possibly with some permanent set but the structure would be stable and 
safe and would not have experienced significant damage (Figure 1-5). On 
the other hand, for a strong earthquake in which the number of cycles ô ^ 
seismic response is such that the energy of the seismic excitation 
exceeds the energy absorption capacity of the structure, such a structure 
as that described above would reach displacement amplitudes corresponding 
to significant structural damage and possibly total collapse (Figure 1-6). 
The effect of the duration of strong motion or number of cycles 
of strong inelastic response is not incorporated into the low-damped 
elastic response spectrum. Thus, a given elastic spectral response would 
correspond to greater damage capability for a long duration earthquake 
than for a short duration earthquake. 
Furthermore, it was mentioned in the previous subsection that 
short duration earthquake records have narrower frequency content and 
greater differences between the spectral responses at peaks versus 
valleys than do longer duration records. These longer duration records 
are richer in a broad range of frequency content and tend to be 
smoother. The ability of structures to withstand earthquake ground 
motions which result in elastic response spectra substantially higher 
than the elastic design response spectrum is greater for spectra which 
have narrow frequency content and many peaks and valleys than it is for 
smooth, broad frequency content spectra. Basically, if the elastic 
structure is in resonance with the ground motion at a frequency of one of 
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the peaks of the elastic spectrum, small inelastic behavior of the 
structure will shift the structure frequency off the resonant peak and 
into a valley. As will be shown in subsequent chapters, the level of 
inelastic response is more consistently predicted by the average spectral 
response over a broad frequency range to the soft (lower frequency) side 
of the elastic natural frequency. The difference between this frequency 
averaged spectral response and the elastic natural frequency spectral 
response is significantly greater for narrow frequency band elastic 
spectra with large peaks and valleys than it is for broad frequency 
content, smooth elastic spectra of the type used in design. 
When one ignores duration and considers only the elastic 
response spectra or the design acceleration defined by Equations 1-1 or 
1-6 and 1-7, one would conclude that the Melendy Ranch record was more 
severe than the Taft record for structures with natural frequencies 
greater than 3 Hz (see Figure 1-7), and the 1966 Parkfield Cholame #2 
record was more severe than the 1940 El Centro record at all frequencies 
(see Figure 1-8). Both conclusions would be incorrect and illustrate the 
inadequacy of the elastic response spectrum to define the damage 
capability of an earthquake. The problem is that the elastic response 
spectrum values are related primarily to the power of the earthquake 
(Equation 1-3), or the rms acceleration (Equation 1-4), or the design 
acceleration (Equations 1-1 or 1-6 and 1-7), while the damage capability 
is probably more related to the total energy fed into structures 
(Equation 1-2). Housner (1975) has proposed that this dilemma be solved 
by a two-parameter definition of the ground shaking in which one para-
meter could be any of the parameters relating to the power of the earth-
quake such as the design acceleration from Equations 1-1 or 1-6 and 1-7. 
the other parameter should be strong motion duration, T^. 
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Short (1980a and 1980b) and Kennedy (1981a) have studied the 
effect of a high acceleration, short duration record such as the Melendy 
Ranch (1972, 0.52g corrected acceleration) record on a nuclear power 
plant structure designed for a long duration, much lower acceleration 
record like the Taft (1952, 0.18g corrected acceleration) recoi'd. The 
shear wall-type structure was designed to ultimate strength for a broad-
banded design spectrum anchored to 0.2g. The structure was subjected to 
shaking characterized by the Melendy Ranch record. Concrete elements 
were defined to have highly degrading stiffness characteristics. The 
Melendy Ranch record shows maximum 5% damped spectral acceleration in 
excess of 1.5g in the 5 to 6 Hz frequency range and the structure was 
designed to have a fundamental frequency within this range. The 
nonlinear response of this structure was found to be highly stable with a 
single inelastic excursion followed by pseudo-elastic behavior with a 
slightly degraded stiffness. Thus, a highly degrading structure designed 
for a design response spectrum anchored to an "effective" ground 
acceleration of 0.2g shows perfectly satisfactory behavior when subjected 
to the Melendy Ranch record. Therefore, this record should be taken to 
have a design acceleration value of 0.2g or less as opposed to the 
nominal values of 0.5g. In summary, ignoring duration and considering 
only the elastic response spectrum would lead one to conclude that the 
Melendy Ranch record was more severe than the Taft record; however, this 
would be an incorrect conclusion which illustrates the inadequacy of the 
elastic response spectrum to alone define the damage capability of an 
earthquake. 
1.2 CONCLUSIONS REACHED FROM A REVIEW OF STRUCTURAL DAMAGE 
FROM PAST EARTHQUAKES 
Appendix A summarizes the results of a literature review on 
structural damage from past earthquakes. The primary purpose of this 
review was to summarize the available data on whether or not elastic 
computed forces could be used to estimate the onset of significant 
structural damage. Whenever possible, the elastic computed forces were 
compared with the design forces and/or the estimated ultimate capacity of 
the structures reviewed. 
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The conclusion of this review is that the inelastic energy 
absorption capability of the structure, and the duration of strong ground 
motion both influence structural performance and one cannot totally rely 
on the elastic computed forces in determining structural performance. 
The onset of significant structural damage for structures which had some 
seismic design was predominantly due to either: 
1. Inadequate design, detailing, or construction necessary to 
achieve a ductile design. In other words, the structure 
had features which do not meet a strict interpretation of 
the intended provisions in the current Uniform Building 
Code for achieving a ductile design. 
2. The structure contained "weak links" such that inelastic 
energy absorption was not spread throughout the structure 
but was very localized. In other words, the ratio of 
elastic computed forces (demand) to estimated ultimate 
capacity was far from uniform throughout the structure. 
These factors appear to have at least as much and probably more influence 
on the ground motion level at which significant structural damage occurs 
than does the average ratio of elastic computed demand to estimated 
ultimate capacity. 
As discussed in Appendix A, the ratio of elastic computed demand 
to capacity was evaluated for a number of structures for the 1971 San 
Fernando earthquake. So long as the structure did not suffer from one of 
the above two deficiencies, minor structural damage did not appear to 
occur at elastic demand to capacity ratios less than about 1.5. 
Similarly, significant structural damage did not appear to occur at 
elastic demand to capacity ratios less than about 2.5. These estimates 
represent lower bounds and were significantly exceeded in some cases 
without the corresponding damage. For instance, in the case of the 
Veterans Administration Hospital Building #41, the elastic demand to 
capacity ratio exceeded 3 with essentially no structural damage. 
However, this lack of even minor damage appears to be heavily influenced 
by beneficial nonlinear soil-structure interaction effects. 
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The ratio of elastic demand to capacity will be referred to as 
the reduction factor or the input scale factor, F, in subsequent chapters 
of this repoi^t. This factor F represents the factor by which the elastic 
computed response must be divided before being compared with the yielding 
capacity for the purpose of predicting a given level of structural damage. 
Alternately, F represents a scale factor by which the ground motion can 
be increased beyond that which corresponds to an elastic response equal 
to the structural yielding capacity. 
The reduction factor, F, associated with the onset of significant 
structural damage appears to be influenced by the duration of strong 
shaking. The following statements are keyed to durations T Q defined by 
Equation 1-5 for consistency. It was noted above that for the 1971 San 
Fernando records (TQ « 5 to 6 seconds) the reduction factor, F, corres-
ponding to the onset of significant structural damage was at least 2.5. 
Similarly, F corresponding to the onset of significant structural damage 
would also appear to have been at least 2.5 for the 1952 Kern County 
(TQ « 10 seconds) and the 1972 Managua earthquakes. However, correla-
tion with the onset of structural damage for well-designed buildings would 
appear to require larger F factors for the 1978 Santa Barbara (TQ « 3 
seconds), the 1979 Imperial Valley (generally TQ between 3 and 5 seconds 
for records exceeding 0.2g), the 1966 Parkfield (TQ < 2 seconds), and 
the 1972 Ancona (TQ < 2 seconds) earthquakes. The sketchy nature of 
the data does not enable the increase in F to be quantitatively defined. 
However, the summation of damage data strongly suggest that F corres-
ponding to the onset of significant structural damage is larger for 
records with strong durations less than about 5 seconds. Strong dura-
tions less than about 5 seconds reduce the damage potential of a given 
level of ground shaking. 
In summary, the literature review clearly indicates that the 
characterization of ground motion by low-damped (10% and lesser damping) 
elastic response spectra is insufficient to define the structural damage 
potential of the ground motion. One must also consider the inelastic 
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energy absorption capability of the structure and the strong duration of 
the ground motion particularly for records with strong durations by 
Equation 1-5 of less than 5 seconds. The inelastic energy absorption 
reduction factor, F, appears to be at least 2.5 prior to the onset of 
significant structural damage for well-designed structures and earthquake 
strong durations greater than 5 seconds. These observations form the 
impetus for the analytical studies reported in subsequent chapters. 
1.3 CHARACTERIZATION OF STRUCTURE DAMAGE 
This study concentrates on predicting nonlinear response of 
stiffness degrading shear wall and braced frame structures with 
fundamental frequencies in the amplified spectral acceleration region 
from 1.8 to 10 Hz. These structure types and fundamental frequencies are 
typical of those found in nuclear power plants. 
Representative shear force versus deformation diagrams for shear 
walls and braced frames undergoing multiple cycles of deformation are 
shown in Figure 1-9. The structural element retains its initial stiff-
ness and strength characteristics up to the first nonlinear cycle. After 
the first nonlinear cycle, the structure loses stiffness and strength. 
Thus, each subsequent nonlinear cycle ratchets the structure to greater 
total nonlinear deformations. A short duration ground motion is likely 
to result in only one nonlinear cycle. With a long duration record, 
multiple nonlinear cycles occur and each subsequent cycle results in 
greater deformation. Thus, one effect of a longer duration ground motion 
is to result in greater total deformations than occur from a short 
duration ground motion for a stiffness and strength degrading structure. 
For this study, a quantitative description of damage was 
required. Basically, damage can be generally related to: 
1. Displacement ductility which is defined as the ratio of 
maximum deformation to yield deformation. 
2. Total hysteretic energy absorbed during nonlinear cycles. 
1-14 
For moment frames and inelastic hinge rotations, the total 
hysteretic energy absorbed during nonlinear cycles probably best accounts 
for the cumulative damage that may occur as a result of reversed 
inelastic deformations. 
However, for degrading stiffness and degrading strength shear 
walls and braced frames, the displacement duc t i l i t y also describes 
cumulative damage because each nonlinear cycle results in increased 
deformation or displacement duc t i l i t y over the previous nonlinear cycle 
(see Figures 1-5, 1-6 and 1-9). Thus, the maximum displacement duc t i l i t y 
reached provides a measure of the cumulative damage up to that point. 
Furthermore, a study of multiple cycle force-deformation diagrams such as 
those shown in Figure 1-9 tends to indicate that strength degradation is 
minor unti l a certain displacement duc t i l i t y is reached. Beyond the dis-
placement duc t i l i t y , strength degradation increases rapidly with addi-
t ional nonlinear cycles. This displacement duc t i l i t y at which strength 
degradation tends to increase rapidly with subsequent cycles can be 
considered to represent the onset of signif icant structural damage. 
Thus, i f the onset of significant structural damage is considered to 
represent the l imi t of acceptable structural performance, the displace-
ment duc t i l i t y probably represents the better descriptor of permissible 
damage. Collapse would generally require additional nonlinear cycles 
resulting in substantial strength degradation after the permissible dis-
placement duc t i l i t y is reached. Therefore, hysteretic energy absorption 
for nonlinear cycles after the permissible displacement duc t i l i t y is 
reached probably provides the best descriptor of collapse for shear walls 
and braced frames. Additional research is necessary on th is subject. 
For nuclear power plant structures, deformations beyond the onset 
of signif icant structural damage would generally not be considered 
acceptable. Therefore, within this study, a l imi t on permissible 
displacement duc t i l i t y is used as a measure of acceptable structural 
performance. 
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The use of permissible displacement ductility as the descriptor 
of structural performance introduces some conservative bias to this study 
for short duration records. A short duration ground motion could result 
in the permisible displacement ductility being reached without the ground 
motion time history having sufficient remaining strong motion duration to 
lead to the rapid strength degradation from subsequent nonlinear cycles 
necessary for collapse. Thus, the short duration record could lead to 
the permissible displacement ductility being reached without the structure 
being at the onset of collapse because of insufficient duration to the 
ground motion record. On the other hand, for a long duration record, 
reaching the permissible displacement ductility would indicate the 
structure was at the onset of collapse from rapid strength degradation 
during subsequent nonlinear cycles. 
In other words, the use of a permissible displacement ductility 
as a measure of damage may overemphasize the ability of short duration 
ground motion records to damage shear wall and braced-frame structures. 
However, this potential conservatism in evaluating the effect of short 
duration records was judged desirable because of the lack of understanding 
on the relative importance of hysteretic energy absorption versus 
displacement ductility in leading to damage. Even so, the reader should 
note that this study may overemphasize the ability of short duration 
earthquakes to damage shear wall and braced-frame structures. 
The response of nonlinear systems can be best represented graphi-
cally by means of a modified response spectrum to reflect the effect of 
nonlinear behavior (called herein an inelastic yield spectrum).* Consider 
the structural resistance function (or primary load-deflection curve), as 
shown in Figure l-lO(a). In this case, the total deformation of the 
system is specified as a multiple of the yield deformation, 6 = \i6 
The term "inelastic yield spectrum" is somewhat of a misnomer but 
will be used herein because of its common usage in the literature. 
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The factor y represents the displacement duc t i l i t y . For the response of 
a single-degree-of-freedom system, the yield level spectral acceleration, 
2 
SA = 0) 6 multiplied by the mass, gives the yield resistance level , 
Vy = Mco 6 = K6y. The inelastic yield spectrum is a plot of the 
yield level spectral acceleration versus the corresponding system elastic 
frequency, as indicated in Figure l- lO(b). I f the system had remained 
l inear, then the system response would be the elastic deformation, <S 
and the corresponding spectral acceleration level would be given by 
2 
SA = w 6g. jhe yield level spectral acceleration may then be considered 
as a reduced elastic level response or, SA = SA/F, where F is the 
reduction factor (Application A). If 6^ is considered to be the elastic 
response level associated with the input motion y, then & = M6 is 
the response level which results from the scaled input motion, y x F 
(Application B). Thus, F may be viewed as either an input scale factor 
(Application B) or as a reduction factor (Application A) depending upon 
application viewpoint. It should be noted that the inelastic yield spec-
trum is associated with a given level of peak deformation as specified by 
the ductility ratio (Application A). Given a deformation damage measure, 
the inelastic yield spectrum or input scale factors provide the format 
for comparing input motions on the basis of equal inelastic structural 
response. Thus, for a permissible displacement of ductility, the inelas-
tic yield spectrum represents the "effective" response spectrum. The 
definition of equal-damage response spectra allows two records with the 
same effective spectral acceleration at a structural natural frequency to 
cause the same level of nonlinear structural response. 
1.4 OBJECTIVE OF THIS STUDY 
In the previous subsections it was shown that the low-damped 
elastic spectral response does not provide a consistent descriptor of 
damage for short duration versus long duration ground motion records. 
The elastic spectral response would indicate much greater damage to a 5 Hz 
structure from the ^ery short duration Melendy Ranch record than from the 
long duration Taft record (see Figure 1-7). Yet, a detailed nonlinear 
analyses of a nuclear power plant structure showed that if this plant was 
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designed for the 0.18g Taft record, the structure would not be seriously 
damaged by the 0.52g Melendy Ranch record because i t only undergoes one 
cycle of nonlinear deformation. There is insuff icient energy content in 
the short duration record to ratchet a degrading stiffness structure to 
fa i l u re . 
The objective of this study was to determine what ground motion 
characteristics do provide a good descriptor of damage for degrading 
stiffness ducti le structures such as those found in nuclear power plants. 
Thus, this study w i l l define a procedure for developing "effective" 
spectral responses such that two ground motion records with the same 
"effective" spectral responses at the structures natural frequency w i l l 
lead to the same displacement duc t i l i t y . Thus, using the "effect ive" 
response spectra as input to an elastic analysis and design wi l l result 
in the permissible system displacement duc t i l i t y being reached for both 
actual time histor ies. 
These "effective" response spectra then serve as a means of 
describing the relat ive damage capabil i ty of different ground motion time 
histories and thus serve as a means of providing an engineering character-
ization of the ground motion. The characterization of the ground motion 
by "effect ive" spectral responses provides a better engineering character-
ization of the ground motion than does the instrumental peak acceleration, 
or the elast ic spectral responses. 
I t w i l l be shown that the "effect ive" spectral responses can be 
approximated by the highly-damped average spectral acceleration over a 
frequency range to the soft ( f lex ib le) side of the elastic natural 
frequency. Thus, the highly-damped spectral acceleration within this 
frequency range can serve as a method of providing an engineering charac-
terizat ion of the ground motion. Details w i l l be presented in subsequent 
chapters. 
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This study is concerned with the inelastic response of structural 
systems (braced frames and shear walls) and the concept of "effective" 
spectral response is considerd valid for such systems. The results of 
this study can also probably be extrapolated to ductile passive equipment 
whose f r a g i l i t y is governed by structural fa i lure modes. However, the 
study is probably not appropriate for active equipment. 
1.5 STUDY APPROACH 
The study ef for t was subdivided into three major subtasks: 
(1) analytical studies to develop an estimation procedure for inelastic 
y ie ld spectra; (2) a demonstration of "effective" ground motion compari-
sons on the basis of equal damage; and (3) a l i terature review to document 
and evaluate the observed performance of structures during past damaging 
earthquakes. The major study effort was associated with the analytical 
subtask. The analytical studies were further subdivided into the 
following study increments: 
(a) The selection and evaluation of a group of strong motion 
\ecords which encompass a wide range of possible f ree- f ie ld 
input motions. 
(b) A review of the inelastic behavior of primary power plant 
structural configurations and components. 
(c) The defini t ion of a set of representative structural system 
models with the overall nonlinear response behavior 
attributed to power plant structural types. 
(d) The development of an analysis procedure for determination 
of reduction factors based upon input scaling. 
(e) The determination and evaluation of a set of input scale 
factors (reduction factors) which correspond to two 
different damage (deformation) levels. 
( f ) The development and correlation of an input scale factor or 
reduction factor estimation procedui^e. 
(q) The development of "effective" spectra using this reduction 
factor procedu<^e. 
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1.6 REPORT OUTLINE 
The ground motion records used in this study are described in 
Chapter 2. Engineering characterization defining both the time and 
frequency characteristics of these records are presented and discussed. 
Minimum engineering characterizations to define elastic response of these 
records are discussed. 
The structural models and analytical approach used in this study 
are presented in Chapter 3. The primary structural model used consisted 
of a degrading stiffness, degrading strength, pinched behavior shear wall 
model developed to closely approximate the shear wall behavior shown in 
Figure 1-9. This model was specified as having 7 percent elastic damping. 
Nonlinear response of such models with initial (elastic) natural frequen-
cies of 2.1, 3.2, 5.3, and 8.5 Hz was studied. These natural frequencies 
are approximately equally-spaced within the frequency range from 1.8 to 10 
Hz which covers the range of fundamental frequencies for the majority of 
nuclear power plant building structures. The study concentrated on pre-
dicting the nonlinear reduction factor, F, associated with ductility 
ratios of 1.85 and 4.3. These ductility ratios were considered to repre-
sent lower bounds on the onset of minor structural damage and the onset 
of significant structural damage, respectively. 
Model parameter variation studies were also conducted (Appendix 
D). For a few cases, damping was reduced to 3 percent elastic damping to 
determine the effect of elastic damping on the reduction factor. The 
nonlinear force-deformation characteristics were modified to study the 
effect of such characteristics. Lastly, a few cases were also analyzed 
for a nonlinear model representing the braced-frame characteristics in 
Figure 1-9. 
The study results are presented in Chapter 4 in terms of 
response reduction factors, F, obtained from a series of nonlinear 
analyses using the ground motions and structure models described in 
Chapters 2 and 3. Statistical studies performed on these reduction 
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factors are presented. A method to derive these reduction factors from 
the characteristics of the elastic response spectra and the structural 
model is presented. 
A method to define an "effective" response spectrum using the 
results of Chapter 4 is presented in detail in Chapter 5. This method 
requires only a knowledge of the nonlinear characteristics of the 
structure model and the elastic response spect>-a. "Effective" response 
spectra are presented for the ground motion time histories studied. 
The relative strengths of the ground motion records used in this 
study in terms of elastic (y = 1.0) and inelastic (y = 1.85 and 4.3) 
structural response for stiff structures (f = 1.8 to 10 Hz) are described 
in Chapter 6. 
Lastly, conclusions from these analytical studies are summarized 
in Chapter 7. 
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TABLE 1-1 
INSTRUMENTAL PEAK VERSUS DESIGN ACCELERATIONS 
Earthquake Records 
Melendy Ranch N61E 
N29W 
Parkfield, Cholame #2 N65E 
Temblor S25W 
Pacoima Dam N76W 
Hollywood Storage SOOW 
PE Lot N90E 
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FIGURE 1-1. SITE-INDEPENDENT HORIZONTAL RESPONSE 
SPECTRUM SCALED TO l.Og [USNRC (1973a)] 
1-23 
UNFILTERED 








UJ o o 
< 
FILTERED (/'c*8.5 Hz) 
FIGURE 1 -2 . UNFILTERED AND FILTERED ACCELEROGRAMS OF THE 1971 SAN FERNANDO EARTHQUAKE FROM THE S . 74" W. 
ACCELEROGRAPH COMPONENT AT PACOIMA DAM. RESPONSE OF FILTER IS 1 .0 AT FREQUENCIES LESS THAN 
8 HZ AND 0 . 0 AT FREQUENCIES GREATER THAN 9 HZ WITH A HALF-WAVE COSINE TAPER FROM 8 TO 9 HZ. 
(PAGE AND OTHERS, 1 9 7 2 ) . 
1972 Bear Valley Earthquake 
Melendy Ranch Recording 
Component N29W 
i^'yhl/^'rA*/^ ^'v'^.^' '\j <».*» ' • - n -
0.02 
~ T ~ • - 1 1 " - T ' 
-i L-
2.5 5.0 7.5 10.0 12.5 15.0 17.5 20.0 22.5 25.0 
Time (seconds) 
FIGURE 1-3. ACCELERATION AND VARIATION OF CUMULATIVE ENERGY 
WITH TIME FOR THE 1972 BEAR VALLEY EARTHQUAKE 
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5. SEISMIC SHEAR FORCE-DISPLACEMENT RELATION FOR STRUCTURAL 
MEMBER WHICH SHAKES DOWN TO PSEUDO-ELASTIC BEHAVIOR 
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Deformation Associated 
FIGURE 1-6. SEISMIC SHEAR FORCE-DISPLACEMENT RELATION FOR STRUCTURE MEMBER WHICH 
PROGRESSIVELY CYCLES TO DEFORMATION CORRESPONDING TO SIGNIFICANT DAMAGE 
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GROUND RESPONSE CHARACTERISTICS FROM PARKFIELD CHOLAME #2 
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(a) Shear force-shear distortion diagram for structural 




(b) Lateral force-displacement diagram for braced-steel 
frame (Wakabayashi; 1973) 
FIGURE 1-9. CYCLIC LOAD-DEFLECTION BEHAVIOR OF REPRESENTA-
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Application (lO 
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(a) Structural Resistance Function for Single-Degree-of-Freedom 
Representation of Overall Structural Behavior 
I SA = FSA (Application B) 
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(b) Inelastic Yield Spectrum 
FIGURE 1-10. DEFINITION OF STRUCTURAL RESISTANCE FUNCTION 
AND CORRESPONDING INELASTIC YIELD SPECTRUM 
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2. ENGINEERING CHARACTERIZATION OF GROUND MOTION 
FOR RECORDS STUDIED 
Eleven real earthquake ground motion time histories and one 
artificial earthquake time history were used in this study. The eleven 
real records used are defined in Table 2-1. Throughout the study, the 
record will be designated by the underlined name in Table 2-1. On some 
figures, an abbreviated symbol will be used for each record. The names 
and symbols used for these 11 records are: Taft (T), Olympia (0), El 
Centro No. 12 (EC12), El Centro No. 5 (EC5), Pacoima Dam (PD), Hollywood 
Storage (HS), Coyote Lake (CL), Parkfield (PA2), Gavilan College (GC), 
Goleta (G), and Melendy Ranch (MR). The Artificial (A) time history was 
a 0.2g ground motion which approximated, at low damping, the NRC Regula-
tory Guide 1.60 response spectrum anchored to 0.2g and had a duration of 
approximately 20 seconds. It is typical of some of the more realistic 
artificial time histories used in nuclear power plant dynamic analyses. 
Table 2-1 presents the earthquake name and date, the local 
magnitude. M L , the surface-wave magnitude, Ms, the recording station, its 
distance from the fault trace on which the earthquake was located, and 
the corrected peak ground acceleration, a, and velocity, v. All time 
history inputs utilized herein have been corrected and processed using 
the routine processing procedures outlined by Hudson (1979). The 
corrected peak ground velocity reported was obtained by integrating the 
corrected acceleration record. 
These real earthquake records were selected in order to have a 
wide variation in ground motion characteristics. Local magnitudes range 
from 4.7 to 7.2 with fault rupture distances ranging from less than 1 Km 
to 40 Km. The corrected peak accelerations vary between 0.14 and 1.17g 
with corrected peak velocities ranging from 1.6 to 44.6 in/sec. Figure 
2-1 presents acceleration time history plots of these 11 real records 
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plus the artificial record. All time histories have been normalized to a 
peak acceleration of 0.5g in Figure 2-1 in order to make duration compari-
sons easier. These plots are ordered by decreasing duration of strong 
motion. The Olympia, Taft, El Centro #12, and Artificial records repre-
sent long strong motion duration records. The Pacoima Dam, Hollywood 
Storage, El Centro #5, and Goleta records are of moderate duration. The 
Coyote Lake, Parkfield, Gavilan College and Melendy Ranch records have 
short strong motion durations. The generally expected range of strong 
motion durations of earthquakes with magnitudes from 4.5 through somewhat 
over 7.0 are covered by the 12 time histories used in this study. The 
very long strong motion durations which might occur from great earth-
quakes with surface wave magnitudes greater than 8.0 are not covered by 
this study. 
Plots of the following detailed ground motion characteristics 
are presented in Appendix B for each of these 12 records: 
1. Acceleration time history 
2. Cumulative energy 
3. 7, 10, 15, 20 and 25% damped-elastic response spectra 
4. Elastic response time histories for 2, 5, and 8 Hz, 7% 
damped oscillator 
5. Fourier spectra for the strong motion portion of the 
accelerogram 
6. Cumulative spectral density functions for the strong motion 
portion of the records. 
These plots fully define the time duration, frequency characteristics, 
elastic response characteristics, and energy characteristics of these 
records. A careful study of these plots will show the wide variation of 
ground motion characteristics in the 2 to 8 Hz frequency range included 
in this study. All of these plots are ordered in descending order from 
the longest duration record (Olympia) to the shortest duration record 
(Melendy Ranch). Data presented in these plots will be discussed in 
subsequent subsections. 
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2.1 ENERGY, POWER, AND DURATION CONTENT 
The total energy E^ (more correctly defined as the Fourier 
energy) of the record is defined by Equation 1-2 integrated over the full 
duration of the record. A cumulative energy plot is simply a plot of E(T) 
versus time, T, where E(T) is defined by Equation 1-2 integrated from time 
zero to time T. 
Housner and Jennings (1977), have demonstrated that j E^ may be 
interpreted as the "frequency ensemble work" and is a measure of the 
capacity of the ground motion to do work on an idealized uniform popula-
tion of structures of aVI_ natural frequencies. For this reason. Arias 
(1970 suggested using ^ Ê ^ as a measure of seismic intensity and such 
is defined as the Arias Intensity. One might thus consider E,̂  or Arias 
Intensity to be a measure of the damage potential of a ground motion 
record for a uniform population of structures over all frequencies. As 
can be seen from the plots in Appendix B, the total energy, E^, is very 
poorly correlated with the peak ground acceleration, a. This is one of 
the reasons why peak ground acceleration alone does not provide a good 
measure of damage. For instance, Figure 2-2 compares the Olympia and 
Melendy Ranch records. Melendy Ranch has a corrected peak acceleration 
1.85 times that of Olympia. Yet, the total energy for Melendy Ranch is 
only 56% of that for Olympia. 
The most common definition of strong motion duration is that due 
to Trifunac and Brady (1975). By this definition, the strong motion 
duration is defined as: 
^D " ^0.95 • ̂ 0.05 ^^'^^ 
where TQ gg represents the time at which E(T)/E^ = 0.95 and TQQS i^epre-
sents the time at which E(T)/En, = 0.05. Thus, this duration window 
includes 90% of the total cumulative energy. The time T^ can be defined 
as the f - f ract ion Husid time since i t represents the time at which the 
f - f ract ion of the total energy has occurred. 
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However, for stiff structures (1.8 to 10 Hz) such as those in 
nuclear power plants. Equation 2-1 provides too long of an estimate of 
strong motion duration for many records. Many records contain a long tail 
of oscillatory ground motion with lesser accelerations at the end of the 
record which continues to input energy but at a substantially lesser rate 
than the earlier portion of the record. This situation is illustrated 
for the Taft record in Figure 2-3. Based upon Equation 2-1, the duration 
of the Taft record would be considered to be 28.1 seconds. Yet, 70% of 
the total energy is input in a duration TQ of only 9.9 seconds. Reporting 
the duration of the Taft record as 28.1 seconds would severely misrepre-
sent its effective duration at least for stiff structures with frequencies 
over 2 Hz. Figure 2-4 compares the time history acceleration response of 
an example set of simple, damped-elastic oscillators (7% damping) obtained 
for representative long and short duration input motions. The example 
oscillators were tuned to 2, 5 and 8 Hz to encompass the range of elastic 
structure frequency considered in the study. The time of peak response, 
T , and the times, TQ Q^ and TQ 75 are indicated for each example 
oscillator response shown in Figure 2-4. For the records and frequencies 
considered in Figure 2-4, the time of peak response, T„,^, falls 
between T Q Q^ and T Q 75. Thus, at least for stiff structures, a more 
appropriate and shorter definition of strong duration than that given by 
Equation 2-1 is needed. 
In order to determine a more appropriate definition of strong 
duration, a study of the time of maximum response was conducted for all 
twelve earthquake time histories considered herein. The time of maximum 
response for both elastic and nonlinear structures representative of 
degrading stiffness and degrading strength shear walls was considered. 
Shear wall structure models with initial (elastic) natural frequencies of 
2.14, 3.20, 5.34, and 8.54 Hz and 7% elastic damping were used. The time 
of maximum displacement response, T̂ ^̂ ^̂  for elastic response (y = 1.0) and 
two levels of nonlinear response (y = 1.9 and y = 4.3) was determined for 
all four natural frequencies. The upper bound of maximum response time, 
T„,^, noted for the entire set of oscillators within a frequency range 
from 2.14 to 8.54 Hz (i.e., T^^^y^ = max {TJJ,3J^>.J) can be compared to 
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various Husid ratio times as tabulated in Table 2-2 for each of the 12 
selected earthquake records. In Table 2-2, the time T0.95, TQ.SS* T0.75. 
TQ Q5 are the times associated with 95%, 85% 75% and 5% of the total 
cumulative energy. The time, Tpg, is the time associated with the first 
zero crossing of the accelerogram following the maximum positive or 
negative acceleration, whichever occurs later in time. From Table 2-2, it 
can be seen that an upper bound on the time of maximum response can be 
reasonably approximated by: 
|;:.'1 T^ =max{,-'-^} (2-2) 
In no case, was the actual upper bound on the time of maximum response 
more than 6% greater than that given by Equation 2-2. 
Thus, Equation 2-1 was modified to provide the following 
definition of effective strong motion duration for stiff structures: 
Ti = T M - T O . 0 5 (2-3) 
Equation 2-3 provides a better definition of the relative length of 
strong duration for stiff structures than does Equation 2-1. 
With the strong duration defined by Equation 2-3, the Housner 
power (average rate of energy input) during this time can be defined by: 
P= f (2-4) 
'D 
where AE represents the cumulative energy between time TQ Qg and T|v|. 
Except for Olympia and Pacoima Dam, AE is equal to 70% of Ê , since 
T = TQ 7c. For Olympia and Pacoima Dam, Tpg exceeds TQ 75 and thus T̂ j, 
exceeds TQ 75. For Olympia and Pacoima Dam, AE equals 85%, and 82%, 
respectively, of E^. 
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The durations, TQ and TQ, peak ground accelerations, a, peak 
ground velocity, v, effective total energy, AE, and average power, P, are 
tabulated in Table 2-3 for a l l 12 records studied. The records are 
ordered in terms of decreasing duration, TQ. One should note the 
reasonably poor correlation between TQ and TQ. These records would have 
been in a substantially different order i f they had been ordered by TQ 
rather than TQ. Thus, TQ does not serve as a good measure for the 
effective duration of strong shaking for s t i f f structures. 
I f the power of the cumulative energy plot is assumed to be 
approximately constant during the effective duration window, then the 
root-mean-square-acceleration, a^jj,^, is also approximately constant 
during this interval and can be given by: 
a = / P ~ (2-5) 
rms ' 
A review of the cumulative energy plots given in Appendix B for the 12 
records considered in this study indicate that the assumption of constant 
power during the interval defined by Equation 2-3 is reasonable. The rms 
accelerations are tabulated in Table 2-3. 
For stiff structures, the quantities TQ, a, v, AE, and P listed 
in Table 2-3 are judged to provide an adequate characterization of the 
ground motion in the time domain. It should be noted that only two of 
the quantities TQ, AE, and P need be defined. The third quantity follows 
automatically from Equation 2-4. 
2.2 FREQUENCY CONTENT 
2.2.1 Response Spectra 
Structural analysts are most familiar with the frequency content 
of ground motion records being defined by their low-damped elastic 
response spectra. Elastic response spectra for all 12 records are 
presented in Figures B-2 of Appendix B. It is most informative to group 
these records into the following three groups in accordance with their 
effective duration: 
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1. Long Duration: TQ > 9 sec. 
2. Intermediate Duration: 2.5 sec- < TQ ̂  9 sec. 
3. Short Duration: TQ < 2.5 sec. 
This study considers four records in each group. The 7% damped elastic 
response spectra normalized to Ig ground acceleration are plotted in 
Figure 2-5 for each of the four records in each of the three groups and 
compared to the Regulatory Guide 1.60 response spectrum. 
Table 2-4 lists the 7% damped spectral accelerations at 2.14, 
3.20, 5.34, and 8.54 Hz for each of the records. In addition. Table 2-5 
lists the v/a ratios, the maximum 7% damped spectral acceleration 
amplification factor (SA^^/a) and the frequency (f^) at which this 
amplification occurs, the maximum 7% damped velocity amplification factor 
(SV /v) and the frequency (f ) at which it ocurs, and the corner 
frequency* (f,„) between the amplified acceleration and amplified 
a V 
velocity regions. This corner frequency was defined by: 
^av = 2 ^ - (2-6) 
m 
The relationship between the corner frequency and the frequencies at which 
the spectral acceleration and spectral velocity peak is shown schemati-
cally in Figure 2-6. For short duration records such as Melendy Ranch, 
the spectral acceleration and spectral velocity peak at the same 
frequency. In this case, the corner frequency is equal to the frequency 
at which both spectral responses peak. For the longer duration records, 
the frequency, fg, at which the spectral acceleration peaks is generally 
a factor of 2 or more greater than the frequency f^ at which the spectral 
velocity peaks. In these cases, the corner frequency is not as 
distinctly located. The corner frequency estimated by Equation 2-6 lies 
about midway between f^ and f^. 
* As used herein, the term "corner frequency" refers to the 
interaction of the amplified spectral acceleration and amplified 
spectral velocity regions. This definition is not the same as that 
used by seismologists. 
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Equation 2-3. Such spectra are presented in Figure B-4 through B-5 of 
Appendix B for the 12 time histories studied. The single-sided Power 
Spectral Density function, G ' ( f ) , is related to the Fourier amplitude, 
F ' ( f ) , by: 
G'(f) = ^ ^ ,2-7) 
I Q V / 
where the primes are used to indicate that these functions are only 
evaluated within the time window defined by Equation 2-3. The Cumulative 
Spectral Density function (Cum G(f)) is obtained by integrating G'(f) 
from zero to the frequency f. 
The differing frequency characteristics of the short duration 
records versus the long duration records is clearly indicated by the 
Fourier spectra in Figure B-4 or the Cumulative Spectral Density plots of 
Figure B-5. Table 2-6 lists the frequencies, fĵ Q, f^Q, and fgQ, at which 
10, 50, and 90%, respectively, of the cumulative power occurs for the 12 
records studied. The range from f,Q to fgQ represent the frequency range 
within which 80% of the power is located. The frequency fgQ represents 
the median frequency. 
The five records with durations TQ from 9.6 seconds to 3.4 
seconds (El Centro #12 through El Centro #5) all have median frequencies 
between 2.15 and 3.3 Hz and contain significant power between at least 
0.8 and 6.55 Hz. The two longest duration records (Olympia and Taft) 
have similar median frequencies but do have slightly lesser frequency 
bandwidths. Even so, these records cover frequency bands from at least 
1.2 to 5.5 Hz. 
As shown in Table 2-6, all five of the records with strong 
durations T' of 3.0 seconds and less are missing some of the frequency 
content of the longer duration records. Coyote Lake, Gavilan College, 
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and Melendy Ranch are missing frequency content below the 2.5 to 3.6 Hz 
range. Parkfield is missing frequency content below 1.2 Hz. Both Goleta 
and Parkfield are missing high frequency content above about 3 Hz. 
Because of either missing low or high frequency content, Goleta, Coyote 
Lake, Parkfield, and Melendy Ranch have \/ery narrow amplified regions for 
their response spectra as demonstrated in the previous section. The 
breadth of the frequency bandwidth for Gavilan College is nearly as large 
as those for Olympia and Taft but is much less than for the other longer 
duration records. Furthermore, the median frequency for this record 
differs substantially from that of the longer records having a much 
higher median frequency because low frequency content is missing from 
this record. 
2.2.3 Moments of the Spectral Density Function 
Vanmarcke (1972, 1975) has suggested that the moments of the 
spectral density function can be utilized to provide a measure of the 
frequency content of a given input motion. The terms XQ, XJ and ^2 
denote, respectively, the zero, first, and second moment of the spectral 




700 coG'(a))daj (2-9) 
X' = 2nd moment = J a3̂ G'(u))dto (2-10) 
0 
It should be noted that {x^/Z-n) serves as an alternate means of 
describing the power P listed in Table 2-3. Given the zero, first, and 
second moments, the central frequency (mean frequency), fi', and 
dispersion (coefficient of variation), 6', are given by: 
'̂ s central frequency (Hz) = o-^/^^/x^ (2-11) 
s* = dispersion parameter = >il-(xp /^2'^Q (2-12) 
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Thus the frequency standard deviation, o^, is : 
0^=6'^' (2-13) 
The mean frequency and frequency standard deviations for each of the 12 
records are also listed in Table 2-6. 
The mean frequencies, ̂ ', all exceed the median frequencies, fgQ, 
as one would expect. For the 7 longer duration records, the mean 
frequencies lie between 3.6 and 4.7 Hz. The lower frequency f^g "̂•̂ ^ 
1.25 to 1.45 standard deviations below the mean while fgg lies from 0.95 
to 1.20 standard deviations above the mean. Thus, for records with 
durations Tp greater than about 3 seconds, the records can be described 
as having 80% of their power within a range from -1.35 to +1.05 standard 
deviations from the mean. In these cases, fi' and a| serve as good 
descriptors of the frequency content. However, it should also be noted 
that one may not need to describe the specific frequency content of these 
records. All of these records can be reasonably fit in the 1.8 to 10 Hz 
range by a single design spectrum such as Reg. Guide 1.60 anchored to a 
design acceleration. Thus, their frequency content is not sufficiently 
different from each other to require a record specific description of the 
frequency content. 
For the 5 short duration records (TA < 3.0 seconds), the mean 
frequency, a', tends to serve as a reasonable description of the central 
frequency. However, the dispersion statistic (either a| or 5') appears 
to overpredict the breadth of frequencies from fJQ to fgg in some cases. 
For instance, f,Q lies at only -1.06, -1.1, and -0.92 standard deviations 
below the mean frequency for Goleta, Coyote Lake, and Parkfield, respec-
tively, rather than at the -1.25 to -1.45 standard deviation range 
applicable for the longer records. Similarly, fgg lies at only 0.49, 
0.85 and 0.33 standard deviations above the mean frequency for Goleta, 
Coyote Lake and Parkfield, respectively, rather than at the 0.95 to 1.20 
standard deviation range applicable for the longer records. Thus, one 
must be cautious in using this dispersion statistic for the short 
duration records with TQ of 3 seconds or less. 
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2.2.4 Frequency Content Summary and Conclusions 
The seven long duration spectra can be reasonably approximated 
at about an 84th percent non-exceedance probability by a Reg. Guide 1.60 
spectrum or some other "smooth-design" spectrum without introducing undue 
conservatism. Thus, the concept of a smooth design spectrum is compatible 
with these records. The problems with a "smooth-design" spectrum become 
serious with the four short duration (Tp < 2.5 seconds) records. These 
four records apparently do not have sufficient duration to develop broad 
frequency content. Each record shows high spectral amplification only 
within a narrow frequency range. They cannot be fit over any broad 
frequency range by any Reg. Guide 1.60 spectrum anchored to any design 
ground acceleration. In fact, the ensemble of these four records cannot 
be fit by any "smooth-design" spectrum. If the four spectra were 
averaged, a smooth broad spectrum would result. However, this resulting 
smooth spectrum would be unrepresentative of any one of the four 
individual spectra which contain only narrow frequency content. Each 
spectrum shows high amplification in a different frequency range so that 
averaging the four would lead to a broad frequency content and the loss 
of the frequency characteristics of the individual records. 
It will be shown that breadth of the amplified response region 
of the elastic response spectra has a major influence on both linear and 
nonlinear response of structures. A narrow frequency spectrum will only 
strongly excite one or two modes of a structure while a broad frequency 
design spectrum excites many modes. Use of a broad frequency design 
spectrum is likely to overpredict elastic response because of this 
combination of modes. As a structure goes nonlinear, its "effective" 
frequency is lowered. With a broad response spectrum, this shifting of 
frequency has only a small effect on the nonlinear response. On the 
other hand, with a narrow response spectrum, this shifting of frequency 
often has a major effect in reducing the nonlinear response. Artificial 
broadening of the frequency content will lead to an overprediction of the 
damage capability of this record. The most significant single conclusion 
of the entire study is that any engineering characterization of these 
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short duration records must retain the record's narrow frequency content. 
Hopefully, this conclusion will not be lost because of the maze of data 
presented herein. 
The most apparent solution to the above dilemma for records with 
strong durations, Tn, less than about 3 seconds is to define a narrow-
frequency content design spectrum and then to vary the frequency at which 
this spectrum peaks over the range of frequency uncertainty for the site. 
An engineering characterization of the frequency content of the 
records can be provided by the frequency range from f,Q to fgQ over which 
80% of the power is distributed and by a mean frequency ^'. All seven of 
the records with durations Tp greater than 3.0 seconds contained 
frequency content between at least 1.2 to 5.5 Hz. The elastic response 
spectra for all of these records can be reasonably fit by a single design 
spectrum within the 1.8 to 10 Hz range. Thus, for these records, it 
appears to be unnecessary to specify the frequency content except in 
terms of a standard design spectrum. 
On the other hand, all short duration records, with Tp less than 
about 3.0 seconds included in this study are missing frequency content in 
either the high or low range of frequencies between 1.2 and 5.5 Hz. All 
of these records either do not contain power below 2.5 Hz or above 3.1 Hz. 
A single broadbanded design spectrum cannot be used even within the 1.8 to 
10 Hz range to adequately approximate these records which miss frequency 
content either below 2.5 Hz or above 3.1 Hz. These records with durations 
less than about 3 seconds should be represented by narrow frequency con-
tent design spectra based upon ground motion record with similar frequency 
content as defined by the frequency range from f^g to fgg. Thus, Coyote 
Lake, Gavilan College, and Melendy Ranch could probably be approximated 
in the 1.8 to 10 Hz range by a single narrow frequency design spectrum 
which does not contain power below about 2.6 Hz. Parkfield and Goleta 
could probably be approximated in the 2 to 8 Hz range by a different 
narrow frequency design spectrum which doesn't contain power above about 
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3.0 Hz. For these records, uncertainty in the central frequency should 
be accommodated by the use of multiple narrow frequency content design 
spectra with differing central frequencies rather than by a single broad-
banded spectrum which will result in overcomputing damage. 
2.3 ENGINEERING CHARACTERIZATION NEEDED FOR ELASTIC RESPONSE 
In order to define a design spectrum for elastic response of 
structures in the 1.8 to 10 Hz frequency range, records should be 
classified as having either broad or narrow frequency content. A record 
classified as having a broad frequency content should have at least a 
frequency range from 1.2 Hz to 5.5 Hz needed to develop 80% of the 
cumulative power of the record. All of the records considered in this 
study with effective durations, Tp, from Equations 2-2 and 2-3 of greater 
than 3.0 seconds meet this requirement. The elastic response spectra 
within the 1.8 to 10 Hz frequency range for these records can be approxi-
mated by a single broad frequency content design spectrum such as Reg. 
Guide 1.60 anchored to an "effective" acceleration. The shape of the 
design spectrum and the specification of an "effective" acceleration is 
sufficient to provide an engineering characterization of these records 
for computing elastic response of structures in the 1.8 to 10 hz 
frequency range. The concept of an "effective" acceleration is valid for 
elastic response with these records. Such statements cannot be made for 
the five records with T Q durations of 3.0 seconds or less. None of these 
records can be fit over the 1.8 to 10 Hz frequency range by a broad 
frequency content design spectrum such as Reg. Guide 1.60. For these 
records, the concept of an "effective" anchor acceleration is not very 
meaningful until narrow frequency content design spectra are developed 
and specified. 
To demonstrate these points, the 7% damped Reg. Guide 1.60 
spectrum anchored at an "effective" acceleration is compared with the 7% 
damped spectra for the 11 real earthquake time histories over the 
frequency range from 1.8 to 10 Hz in Figures 2-7(a) through 2-7(c). The 
"effective" acceleration , AQ^, for anchoring the elastic Reg. Guide 1.60 
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spectrum was set so that 84% of the actual records spectral accelerations 
between 1.8 and 10 Hz would lie below the Reg. Guide spectra. In other 
words, the Reg. Guide spectra is exceeded at 16% of the frequencies 
between 1.8 and 10 Hz. Based upon this definition, the "effective" 
elastic anchor accelerations, Apr* were determined and are shown in Table 
2-7 for the 11 real records. Table 2-7 also presents the maximum, 
median, and minimum ratios of the actual spectral accelerations to Reg. 
Guide 1.60 spectral acceleration within the frequency range from 1.8 to 
10 Hz. These ratios are defined as (SA^/SA^ go)^^^. (SA^/SA^ gQ)^^^^^^, 
and (SA /SA, ^n) ,• . respectively. All of these ratios are reported for a 1.60 min' 
the Reg. Guide spectrum being anchored at the "effective" elastic design 
acceleration. Ape* 
The six real ground motion records with T Q greater than 3.0 
seconds (Olympia through El Centro #5) are all reasonably fit by the Reg. 
Guide 1.60 spectrum anchored at Apr. For these 6 records, the maximum 
amount by which the actual spectral acceleration exceeds the Reg. Guide 
spectral accelerations between l.S and 10 Hz varies from 1.08 to 1.23 
with a median-maximum value of 1.12. The median ratio of actual spectral 
acceleration to Reg. Guide spectral acceleration varies from 0.84 to 0.90 
with a median-median of 0.88. Thus on the average, the Reg. Guide 
spectrum introduces a factor of conservatism of (1/0.88) = 1.14. The 
minimum ratio of actual spectral acceleration to Reg. Guide spectral 
acceleration varies from 0.45 to 0.70. Thus, for these 6 records, 
between 1.8 and 10 Hz the Reg. Guide spectrum anchored to A Q ^ ranges from 
1.23 unconservative to (1/0.45) = 2.22 conservative with a median factor 
of conservatism of 1.14. The Reg. Guide spectrum anchored to A Q ^ 
represents an adequate characterization of these 6 records for elastic 
structural response. 
The four short duration records with T Q less than 3.0 seconds 
(Coyote Lake through Melendy Ranch) are clearly inadequately represented 
by the Reg. Guide spectrum anchored to AQ^. The maximum-maximum factor 
of unconservatism is 1.66 while the minimum-minimum factor of conserva-
tism is (1/0.08) = 12.5 while the median-median factor of conservatism is 
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(1/0.64) = 1.56. The scatter band is simply too large when those records 
are attempted to be fit by the Reg. Guide spectrum even within the 1.8 to 
10 Hz frequency range. The Reg. Guide spectrum does not serve as an 
adequate representation of these records. 
The Goleta record (TQ = 3.0 seconds) could be placed in either 
group. The fit to the Reg. Guide spectrum is better than for the four 
shorter duration records but not as good as for the six longer duration 
records. It is judged that the fit is not adequate and the Goleta record 
is placed with the four shorter duration records. 
Development of narrow frequency design spectra would require the 
consideration of many more records than the five short duration records 
used in this study. However, these five records can be utilized to 
illustrate some problems. If all five of these short duration records 
were used to develop a design spectrum, the resulting spectrum would have 
a broad frequency content and would represent each individual record 
nearly as poorly as does the Reg. Guide 1.60 spectrum. In order to 
develop narrow frequency content design spectrum, one must separate these 
short duration records by their frequency content. The frequency range 
fjQ to fgQ over which 80% of the cumulative power is contained can 
probably be used for this purpose. It might be appropriate to segregate 
these records into a high frequency group of records in which fJQ exceeds 
2.5 Hz (Coyote Lake, Gavilan College, and Melendy Ranch would belong to 
this group) and a low frequency group in which fgg is less than 3.5 Hz 
(Parkfield and Goleta would belong to this group). A mid-frequency group 
of short duration records would probably also be needed to cover those 
records which do not fall into either the high or low frequency group. 
Once narrow frequency design spectra are developed for these records with 
TQ less than about 3.0 seconds, the resulting design spectrum needs to be 
compared to the spectrum of the individual records similar to the 
comparisons made in this study for the longer duration records and the 
Reg. Guide 1.60 spectrum. It is believed that these narrow frequency 
design spectrum will provide an adequate engineering characterization for 
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elastic response of those short duration records when anchored to an 
appropriate "effective" acceleration. Uncertainties in frequency content 
should be covered by requiring the central frequency of these narrow 
frequency design spectrum to be varied over the range of uncertainty 
rather than by broadening the design spectrum. 
It should be noted from the 11 real records in this study that 
the characteristics of narrow frequency content appears to be directly 
correlated to short durations T Q of about 3.0 seconds and less as defined 
by Equation 2-2 and 2-3. Furthermore, the duration T Q also appears to be 
highly correlated with the local magnitude, ML» i'or records with ground 
accelerations of 0.14g and greater. The five records with T Q of 3.0 
seconds and less all have ML of 5.7 and less. The six records with T Q 
greater than 3.0 seconds all have M L of 6.4 and greater. Thus, one might 
tentatively conclude that the Reg. Guide 1.60 spectrum provides an 
acceptable engineering characterization for elastic response for records 
from earthquakes with M L of about 6.0 aiid greater and does not provide an 
adequate characterization for records with M L less than about 6.0. It 
appears likely that records with both ground accelerations of 0.14g and 
greater and M L of 6.0 or less can only be characterized by narrow 
frequency design spectrum and the standard usage of broad design spectra 
anchored at the 84th percentile will likely lead to substantial 
inaccuracy and generally excessive conservatism in these cases. Note 
that the SSE ground motion for nuclear power plants east of the Rocky 
Mountains generally corresponds to records with ground accelerations of 
0.14g or greater and M L of 6.0 or less and thus falls into this category. 
For records with broad frequency content (at least 1.2 to 
5.5 Hz), it was shown that the Reg. Guide 1.60 spectrum anchored to A Q ^ 
provides an adequate characterization for elastic response. The next 
step is to define A Q E in terms of characteristics of the ground motion. 
Several likely candidates exist for defining AQE* These are corrected 
peak ground acceleration, a, rms acceleration, a^ms. and spectrum 
intensity, SI. 
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The rms acceleration over the duration TQ is reported in Table 
2-3. A median estimate of the design acceleration for elastic response 
is then provided by Equation 1-6 and 1-7 where the duration TQ is 
substituted for J^ and the predominant period, T , is given by: 
T^ = l / f j ' (2-14) 
in which f2' represents the central frequency from Equation 2-11 and is 
l isted in Table 2-6. The result is an effective elastic rms based anchor 
acceleration AQ^J given by: 
AQ^T = (yz SLr){2.8J^n')) Vms (2-15) 
Housner (1952) has suggested that spectrum intensity could serve 
as a measure of the ground motion severity. Within the frequency domain, 
spectrum intensity is defined by: 
. S„(6,f) 
SKB.f^-f^) = I - ^ df (2-16) 
where S^ represents the spectral velocity, e represents the appropriate 
damping, f represents frequency, and f, to f^ represents the frequency 
range of interest. For elastic response of nuclear power plant 
structures, an elastic spectrum intensity SI will be defined by the 7% 
damped spectrum between 1.8 and 10.0 Hz. Thus: 
SIg = SI (0.07, 1.8 - 10.0) (2-17) 
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With this definition, an effective elastic SI based anchor acceleration 
AQCO for anchoring the Reg. Guide 1.60 spectra can be defined as: 
'DE2 18 (2-18) 
where A Q £ 2 is in fraction of gravity units, Slg is obtained from 
integrating spectral velocities in inch-per-second units over a frequency 
range in Hz units. The factor in the denominator of Equation 2-18 has 
been empirically determined by this study to achieve a mean A Q £ / A Q £ 2 
ratio near unity. 
Table 2-7 presents, for each of the 11 records studied, the 
corrected ground acceleration, a, the rms based acceleration, AQ^J, and 
SIg based acceleration, AQ£2 for comparison with A Q E obtained from 
fitting the Reg. Guide Spectrum to actual ground motion spectra from 1.8 
to 10 Hz. All three definitions for "effective" elastic design 
acceleration agree closely with A Q £ for the six records (Olympia through 
El Centro #5) which can be represented by the Reg. Guide spectrum. For 






















All mean ratios are close to unity and have low coefficients of 
variation (COV). The use of corrected ground acceleration, a, introduces 
a mean factor of conservatism of (1/0.87) = 1.15 and has the largest 
COV. Introduction of added conservatism in defining AQ^ is undesirable 
since the use of the Reg. Guide 1.60 already generally introduces conser-
vatism in the 1.8 to 10 Hz frequency range when compared with spectra from 
the actual records. The rms based "effective" acceleration, AQ^J, intro-
duces a mean factor of unconservatism of 1.06 and has the lowest COV. 
This mean unconservatism is negligible when one considers the conserva-
tism introduced by the use of the Reg. Guide 1.60 spectrum. The SIg 
based "effective" acceleration, ADE2» tends to overemphasize the 
importance of the lower frequencies (near 1.8 Hz) while underemphasizing 
the importance of the higher frequencies (near 10 Hz). For this reason, 
i t has a slightly higher COV than does AQEI. 
It is concluded that an rms based effective acceleration, AQ^J, 
defined by Equation 2-15 provides a good definition of the anchor 
acceleration for the Reg. Guide 1.60 spectrum for the six longer duration 
real records studied. When the Reg. Guide 1.60 spectrum is anchored to 
AQ£J, within the 1.8 to 10 Hz frequency range of interest , the maximum 
ratio of (SA /̂SAj gg) ranges from 1.29 to 1.05 with a median-maximum 
ratio of 1.20 for the six records studied. Similarly, the median ratio 
ranges from 1.05 to 0.83 with a median-median of 0.88 while the minimum 
ratio ranges from 0.76 to 0.49 with a median-minimum of 0.59. This 
performance is just as good as that obtained from the empirically 
determined AQ^. 
For broad frequency content records (frequency content from 1.2 
to 5.5 Hz) associated with duration TQ greater than 3.0 seconds, the 
elast ic response characteristics of the ground motion for structures with 
frequencies from 1.8 to 10 Hz can be adequately characterized by the Reg. 
Guide 1.60 spectra anchored to an rms based "effective" acceleration 
defined by Equation 2-15. For the six records studied, the maximum 
factor of unconservatism introduced was only 1.29, the median factor of 
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conservatism was (1/0.88) = 1.14 and the largest factor of conservatism 
was (1/0.49) = 2.04. These uncertainties are certainly tolerable 
considering the simplicity of this engineering characterization of the 
ground motion. 
2.4 ENGINEERING CHARACTERIZATION OF GROUND MOTION SUMMARY 
Eleven real earthquake ground motion time histories and one 
artificial earthquake time history have been considered. Characteristics 
of these ground motion records have been evaluated including energy, power 
and duration as well as frequency content by means of frequency breadth 
and a central frequency. Section 2.1 recommends that the strong motion 
duration, TQ, for stiff structures be computed from Equations 2-2 and 2-3 
using cumulative energy plots (Figure 2-3). It is shown that this dura-
tion corresponds to the time of steepest slope (i.e., greatest power and 
greatest rms acceleration) from these energy plots. It is also shown 
that TQ correlates well with the longest time to reach maximum structural 
response (both for elastic and inelastic response) for stiff structures 
(1.8 to 10 Hz). The breadth of the range of frequency content can be 
defined by the frequency range from fjg to fgg where 10% of the cumulative 
power lies at frequencies below fjg and 90% of the cumulative power lies 
at frequencies below fgg. Thus, the frequency range from fjQ to fgg 
contains the central 80% of the cumulative power of the strong motion 
portion (TQ duration) of the record. Central frequency, fi' is defined in 
accordance with Equation 2-11 in terms of moments of the spectral density 
function. 
The 11 real earthquake ground motions can be divided into two 
groups (Group 1: Taft, Olympia, El Centro #12, El Centro #5, Pacoima Dam 
and Hollywood Storage; Group 2: Coyote Lake, Parkfield Cholame #2, 
Gavilan College, Goleta and Melendy Ranch) as follows: 
1. Strong duration, TQ. All the Group 1 records have strong 
durations of 3.4 seconds and greater while all the Group 2 
records have durations of 3.0 seconds and less. 
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2. Local magnitude. ML. All the Group 1 records are from 
earthquakes with local magnitudes of 6.4 and greater while 
all the Group 2 records are from- earthquakes with local 
magnitudes of 5.7 and less. 
3. Frequency breadth. All the Group 1 records have motions 
rich in frequency content (fjQ to fgg) from at least 1.2 to 
5.5 Hz. Each of the Group 2 records has narrower frequency 
content than the above range (i.e., f^Q to fgg does not 
cover the range from 1.2 to 5.5 Hz). 
An adequate engineering characterization for elastic structural 
response for stiff structures (1.8 to 10 Hz) subjected to any of the 6 
longer duration (Group 1) records is provided by the Reg. Guide 1.60 
spectrum anchored to an "effective" peak acceleration. It is shown in 
Section 2.3 that this "effective" peak acceleration, AQ^^, can be defined 
as an rms based acceleration given by Equation 2-15. This conclusion is 
not applicable to the 5 shorter duration (Group 2) records. Elastic 
response from any of the five Group 2 records cannot be adequately approx-
imated by the Reg. Guide 1.60 spectrum or by any other broad frequency 
content spectrum. The most adequate way to characterize these records is 
by a narrow-banded design spectrum obtained by averaging records with 
similar central frequencies, Q\ and frequency bands, f^g to fgg. Uncer-
tainties in central frequency, n', should be covered by shifting the 
central frequency of a narrow-banded design spectrum throughout the range 
of uncertainty and not by the use of a broad frequency content design 
spectrum for stiff structures subjected to Group 2 type records. 
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TABLE 2-1 

























Kern County, CA 
Olympia, WA 
Imperial Valley,CA 
Imperial Valley, CA 
San Fernando, CA 
San Fernando, CA 
Coyote Lake, CA 
Parkfield, CA 
Hoi lister, CA 
Santa Barbara, CA 




























Taft Lincoln School (S69E) 
Highway Test Lab (N86E) 
El Centro Array No.12(140) 
El Centro Array No.5 (140) 
Pacoima Dam (S14W) 
Hollywood Stg.P.E.Lot(N90E) 
Gilroy Array No.2 (050) 
Cholame-Shandon No.2 (N65E)! 
Gavilan College (S67W) 
UCSB Goleta (180) ! 






















































COMPARISON OF UPPER BOUNDS ON PEAK ELASTIC AND INELASTIC DEFORMATION 















Olympia, WA., 1949 
(N86E) 
Taft, Kern Co., 1952 
(S69E) 
El Centro Array No. 12 




San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando, 1971 (N90E) 
El Centro Array No. 5 
Imperial Valley, 1979, (140) 
UCSB Goleta 
Santa Barbara, 1978 (180) 
Gilroy Array No., 2, Coyote Lake 
1979, (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E) 
Gavilan College 
Hollister, 1974 (S67W) 




































































































T = Upper bound on time of maximum response throughout frequency range, f = 2.1-8.5 Hz, at 7% damping 
^^^ and for the following ductilities: Elastic (y = 1.0) and Nonlinear (y = 1.9 and 4.3) 
TABLE 2-3 
COMPARISON OF DURATION MEASURES. PEAK GROUND ACCELERATION. PEAK GROUND VELOCITY. 



















Olympia. WA.. 1949 
(N86E) 
Taft , Kern Co., 1952 
(S69E) 
El Centro Array No. 12 
Imperial Valley, 1979, (140) 
A r t i f i c i a l 
(R.G. 1.60) 
Pacoima Dam 
San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando. 1971 (N90E) 
El Centro Array No. 5 
Imperial Valley, 1979. (140) 
UCSB Goleta 
Santa Barbara. 1978 (180) 
Gilroy Array No. 2, Coyote Lake, 
1979. (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E) 
Gavilan College 
Ho l l i s te r . 1974 (S67W) 


































































































TQ = Strong Duration (from Equation 2-3) 
AE = Fourier Input Energy E (T^)-E(T o5),E(T) =/" a^dt 
P = Average Fourier Input Power = A E / T A 
TQ = Trifunac-Brady Duration = 5-95% Range for /a dt 
TABLE 2-4 















Olympia, WA., 1949 
(N86E) 
Taft, Kern Co., 1952 
(S69E) 
El Centro Array No. 12 




San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando, 1971 (N90E) 
El Centro Array No. 5 
Imperial Valley, 1979, (140) 
UCSB Goleta 
Santa Barbara, 1978 (180) 
Gilroy Array No., 2, Coyote Lake 
1979. (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E) 
Gavilan College 
Hollister, 1974 (S67W) 







































































Olympia, WA., 1949 
(N86E) 
Taft, Kern Co., 1952 
(S69E) 
El Centro Array No. 12 




San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando, 1971 (N90E) 
El Centro Array No. 5 
Imperial Valley, 1979, (140) 
UCSB Goleta 
Santa Barbara, 1978 (180) 
Gilroy Array No., 2, Coyote Lake 
1979. (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E) 
Gavilan College 
Hollister, 1974 (S67W) 



















































































SA^ = Max. Spectral Acceleration 
"' 7% Damping 
SV = Max. Spectral Velocity, 7% Damping 
• 
TABLE 2-6 















Olympia, WA., 1949 
(N86E) 
Taft, Kern Co., 1952 
(S69E) 
El Centro Array No. 12 




San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando, 1971 (N90E) 
El Centro Array No. 5 
Imperial Valley, 1979, (140) 
UCSB Goleta 
Santa Barbara, 1978 (180) 
Gilroy Array No., 2, Coyote Lake 
1979, (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E) 
Gavilan College 
Hollister, 1974 (S67W) 
Melendy Ranch Barn, Bear Valley 
1972 (N29W) 



















































































Olympia, WA., 1949 
(N86E) 
Taft, Kern Co., 1952 
(S69E) 
El Centro Array No. 12 
Imperial Valley, 1979, (140) 
Pacoima Dam 
San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando, 1971 (N90E) 
El Centro Array No. 5 
Imperial Valley, 1979, (140) 
UCSB Goleta 
Santa Barbara, 1978 (180) 
Gilroy Array No., 2, Coyote Lake 
1979, (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E) 
Gavilan College 
Hollister, 1974 (S67W) 

































































































* Ratios of Actual to Reg. Guide 1.60 Spectral Accelerations are reported for the 
frequency range of 1.8 to 10 Hz. 
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FIGURE 2-2. COMPARISON OF ACCELEROGRAM AND VARIATION OF CUMULATIVE ENERGY 
WITH TIME FOR REPRESENTATIVE LONG.AND SHORT DURATION MOTIONS 
FIGURE 2-3. ACCELEROGRAM AND VARIATION OF CUMULATIVE ENERGY WITH TIME 
FOR THE 1952 KERN COUNTY EARTHOUAKE RECORDING AT TAFT 
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fIGURE 2-4. ELASTIC RESPONSE OF DAMPED OSCILLATOR DUE TO REPRE-
SENTATIVE LONG AND SHORT DURATION MOTIONS 
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FIGURE 2-5. COMPARISON OF NORMALIZED (l.Og) RESPONSE 
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(b) Representative Short Duration Input Motion 



















T 1 1 1 1—I I » - I 1 r — I — I I I T 1 r — 1 — r — I — j — r 
DflMPINC 0.070 
Olympia WA, 1949 
(N86E) 
~I 1 1—I—I—TT n 
n s s 1 Q°\ff 
—\ 1 [ — I — I — i — T T — r 
3 ij 5 6 7 8 9 ' l 0 
- 1 1 1—I—I—r—r 
3 4 s e v e s h TO" 
FREQUENCY (HERTZ) 
T [ 1—(—I—t—r - 1 ( 1 — I — [ — I — r — r - 1 1 1 1 — I — I — r — r 
- ^ ID 
o 










I - <" 











DfiMPINC 0 . 0 7 0 
Taft,Kern CO, 1952 
(S69E) 
I I—I—I—[—r . "T n • 1 1 1 1 1—TT"! r 
3 14 5 6 7 8 9 1 0 2 3 IJ 5 6 7 8 9 1 0 
- I 1 1 — I — I I r -
3 II 5 6 7 8 9 10' 
FREQUENCY (HERTZ) 
(a) Long Duration Records (!!> 9.0 Sec) 
FIGURE 2-7a. COMPARISON OF REAL GROUND MOTION SPECTRA WITH REG.GUIDE 1.60 
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FIGURE 2-7a. COMPARISON OF REAL GROUND MOTION SPECTRA WITH REG, 
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FIGURE 2-7b. COMPARISON OF REAL GROUND MOTION SPECTRA WITH REG. GUIDE 1.60 
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FIGURE 2-7c. COMPARISON OF REAL GROUND MOTION SPECTRA WITH REG. GUIDE 1.60 
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3. TECHNICAL APPROACH FOR NONLINEAR STRUCTURAL RESPONSE ANALYSES 
Chapter 2 presented the minimum engineering characterization of 
the ground motion required for the determination of elastic structural 
response. However, as noted in Chapter 1, elastic structural response 
does not provide a good measure of structural damage. Potential quantita-
tive measures of structural damage and their relative pros and cons were 
presented in Section 1.3. Throughout this study, the ratio of peak 
displacement to elastic yield displacement (ductility ratio, y) is used 
as a measure of damage for the reasons given in Section 1.3. Again, it 
should be noted that this measure of damage may overstate the damage capa-
bility of short duration ground motions. However, this damage measure is 
used because of uncertainty concerning other measures of damage and 
because it serves as a conservative damage measure. 
The purpose of this chapter is to provide technical background 
material for the computation and prediction of inelastic structural 
response. Results of inelastic structural response analyses will be 
presented in Chapter 4. Ground motion characterizations for inelastic 
response will be described in Chapter 5. 
3.1 REPRESENTATIVE NONLINEAR STRUCTURAL RESPONSE RESISTANCE FUNCTIONS 
Several representative nonlinear structural response resistance 
functions are shown in Figure 3-1. These are a) Bilinear, b) Takeda, and 
c) Shear Wall. 
The bilinear model represents the resistance function for intrin-
sically ductile, nondeteriorating systems such as shear members and 
unbraced moment-resisting steel frames primarily deforming in flexure with 
only moderate axial loads. In this model, the structure loads with an 
initial stiffness, K, until the yield capacity, V is reached. Further 
loading occurs along a reduced stiffness, sK. Unloading occurs on the 
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initial stiffness, K. Cycles are stable without any dependence on the 
number of previous nonlinear cycles. The elasto-plastic model represents 
a subset of this bilinear model in which the second slope, sK, is zero. 
The Takeda model generally represents the appropriate model for 
properly reinforced concrete structures primarily loaded in flexure. 
Initially, the Takeda model loads and unloads in the same manner as the 
bilinear model. However, nonlinear deformations are accompanied by 
concrete cracking. Upon returning to zero force, the presence of these 
cracks softens reloading in either direction. Future loading cycles are 
always toward the point of maximum previous deformation. The Takeda model 
thus incorporates stiffness degradation due to concrete cracking. 
Experimentally determined resistance functions (Figure l-9a) for 
low-rise concrete shear walls predominantly deforming in shear exhibit 
certain characteristics not incorporated into the previously described 
Takeda model. These are: 
a) Unloading on a softer stiffness, Ky, than the initial 
loading stiffness. 
b) A substantial pinched behavior upon loading in the opposite 
direction until displacements return to zero. 
c) After zero displacements are reached, further loading is 
toward a point of greater displacement than that reached in 
any prior deformation cycle. 
d) Once a certain ductility level, n̂iax* ^s reached, future 
loading cycles are accompanied by rapid strength 
degradation. 
The shear wall model shown in Figure 3-lc incorporates Items (a) through 
(c). Strength degradation should be precluded by limiting the permissible 
upper bound ductility, v^^^^ to levels less than that at which substan-
tial strength degradation occurs. Thus, it was judged to be unnecessary 
to incorporate strength degradation into this shear wall model. 
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Low-rise shear walls predominantly deforming in shear represent 
the primary seismic load carrying elements for most nuclear plant struc-
tures. Thus, the shear wall resistance function model is used for most of 
the nonlinear analyses in this study. This model was chosen because: 
1. It is more representative of the majority of nuclear plant 
structures. 
2. Its use is conservative relative to either the bilinear or 
Takeda models. 
The shear wall model has less hysteretic energy dissipation per cycle 
than does either the bilinear or Takeda model. Thus, for a given ground 
motion time history, the maximum computed ductility level, P, will be 
larger from this model than from either the Takeda or bilinear model. A 
short parametric analysis is presented In Appendix D to demonstrate that 
this shear wall model does lead to greater ductility levels than does the 
Takeda model. 
The other primary lateral load carrying systems often found in 
nuclear plants are steel-braced frames. A representative nonlinear 
resistance function for such braced frames was shown in Figure l-9b. This 
braced frame resistance function also shows pinched behavior similar to 
that for shear walls. However, the pinching is not generally as severe 
so that a typical braced frame nonlinear response cycle will generally 
contain more hysteretic energy dissipation than does a similar shear wall 
nonlinear response cycle. Thus, again, the shear wall model will 
generally conservatively overestimate the ductility level, y, for a 
braced frame subjected to a given ground motion when both models have the 
same yield capacity and elastic stiffness, K. This point is also demon-
strated by a short braced frame parametric analysis presented in 
Appendix D. 
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In surmiary, it is judged that results and conclusions presented 
in this study based upon the shear wall model can be conservatively used 
for structures exhibiting bilinear, Takeda, shear wall, or braced-frame 
resistance functions. 
3.2 DETAILED DESCRIPTION OF SHEAR WALL MODEL 
3.2.1 Rules for Constructing Shear Wall Resistance Function Model 
Reinforced concrete walls resist shear through various 
mechanisms. Initially, the wall is elastic and shear resistance is 
developed according to elastic beam theory. Inclined shear cracks develop 
when the principal tensile stresses exceed the concrete tensile strength. 
Once shear cracks open, the shear force is resisted mainly by the rein-
forcing bars and aggregate interlock. Other mechanisms such as dowel 
action, truss action, and the flexural compression zone also contribute 
to the shear resistance. The opening and closing of cracks under load 
reversals causes the pinching behavior noted in the hysteresis loops. 
Also, as shear cracks open wider and damage to the concrete increases, 
the contribution of concrete, through aggregate interlock, to shear 
resistance decreases. This effect causes,strength degradation under large 
displacement cycles. A shear force-shear distortion diagram obtained 
during a structural wall test was shown in Figure l-9a which illustrates 
the reverse cycle loading behavior characterized by stiffness degradation 
and pinching of the hysteresis loops. Relatively few reversing load tests 
of low-rise walls have been reported. Fiorato and Corley (1977) have 
summarized the laboratory testing conducted on low-rise walls with 
typical reinforcement ratios, in the range of 0.25 - 0.5%, which are more 
typical of commerical building construction (Shiga, 1973; Barda, 1976; 
Cardenas, 1973; Paulay, 1977; Park, 1975; Alexander, 1973). Much of the 
structural wall testing (Wang, 1975) conducted at the University of 
California, Berkeley, provides useful information on the behavior of low-
rise wall segments which has been recently summarized by Bertero (1977) 
and Popov (1980). Cyclic load testing of low-rise box structures with 
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reinforcement ratios in the range of 0.6 - 1.6% has been limited to model 
structures and conducted primarily in Japan (Umemura, 1977, 1980: Uchido, 
1980; Fukada, 1981). 
The primary or envelope loading curve assumed for inelastic shear 
elements representing the shear flexibility of low-rise reinforced 
concrete walls is defined by a bilinear approximation of the deformation 
behavior of low aspect ratio walls under monotomically increasing load. 
The consideration of a bilinear curve consisting of two linear segments 
is based on the work by Umemura (1977, 1980) interpreted in terms of the 
Arakawa formula (Kubota, 1978) for shear strength of reinforced concrete 
members. The slope of the first segment represents the effective shear 
stiffness of the uncracked concrete wall section, while the slope of the 
second segment represents the effective stiffness of the reinforcing steel 
after cracking has occurred. 
The hysteresis behavior for the shear element is defined by a 
set of 10 rules. These rules are described below, and they are also 
shown by their corresponding numbers in Figure 3-2. 
Rule 1: The shear deformation curve, defined by a linear 
stiffness, K, is elastic up to the yield shear force, 
Vy. 
Rule 2: Once the yield point in any direction is exceeded, 
loading continues on the second slope defined by a 
softer linear stiffness parameter, sK. 
Rule 3: Unloading is initiated when the direction of loading 
changes. A degrading unloading stiffness feature is 
built into the model. This is shown in Figure 3-3a. 
Therefore, if the system unloads from Rule 2, instead 
of unloading parallel to the elastic stiffness, K, to 
a recovery point such as 6,1, unloading is towards a 
new recovery point, 6p, such that 
\ = (i-cc)6; (3-1) 
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where a is the unloading stiffness parameter. The 
reduced unloading slope is used for subsequent 
unloading as long as the maximum deformation is not 
exceeded. If the recovery point, 6p, is reached, 
loading in the opposite direction is according to 
Rule 4. Reloading from this part is according to 
Rule 8. 
Rule 4: Once the unloading is finished, the system would 
initially exhibit a low stiffness in the opposite 
direction. This 1s a typical pinching behavior which 
is observed in shear wall tests. The pinched behavior 
is due to opening and closing of cracks under cyclic 
loads. Loading stiffness for this point is assumed to 
be the same as the second slope of the primary curve, 
sK. Once zero deformation is reached, loading will be 
according to Rule 7. Unloading from this part is 
according to Rule 5. 
Rule 5: Unloading from Rule 4 is parallel to the unloading 
(Rule 3) slope on the same deformation side. Once 
zero shear force is reached, loading in the opposite 
direction is according to Rule 8. If the direction of 
loading changes, loading is according to Rule 6. 
Rule 6: If the direction of loading changes while in Rule 5, 
loading will be on the same line until the point where 
unloading was initiated is reached (Point A In Figure 
3-2c). Loading is according to Rule 4 thereafter. On 
the other hand, unloading from this part is according 
to Rule 5. 
Rule 7: Once the cracks are closed (6 = 0 In Rule 4), loading 
begins toward the previous point of maximum 
deformation. In addition, a strength degrading 
feature is built into the model. This is shown in 
Figure 3-3b. Thus, instead of loading towards the 
previous point of maximum (Point A in Figure 3-3b), a 
new target point such as 5 Is defined such that 
-Sg = ^~^/y (3-2) 
where Y Is the strength degradation parameter. Once 
point B is reached, loading starts on the second slope 
again (Rule 2). Unloading from this part is according 
to Rule 3. 
% 
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Rule 8: This rule assures that any loading from Rule 3 will be 
towards the previous intermediate point (Points B and 
C in Figure 3-2c). Once tKis point is reached, loading 
is according to Rule 7 (Point C in Figure 3-2c). 
However, for a point such as B in Figure 3-2c, loading 
from Rule 8 is on the second slope (Rule 2). 
Unloading from this part is according to Rule 9. 
Rule 9: Unloading from Rule 8 is parallel to the last minimum 
unloading slope (Rule 3). Once unloading is finished, 
loading in the other direction is according to Rule 4. 
A change of direction in load would cause the system 
to follow Rule 10. 
Rule 10: Loading from Rule 9 is on the same slope until the 
previous Intermediate point (Point D in Figure 3-2c) 
is reached. Loading is according to Rule 8 thereafter. 
Unloading from this part is according to Rule 9. The 
small amplitude or shakedown behavior of the shear 
hysteresis model is shown in Figure 3-3c. 
The 10 rule hysteretic model defined above is based on quasi-
static cyclic load tests of shear wall elements representative of nuclear 
plant box-type reinforced concrete structures. The model is similar to 
the shear models used by Banon (1981) and Saiidi (1979). Except for shear 
pinching and strength degradation, the model is very similar to the modi-
fied Takeda model (Kanaan, 1975) used to represent the hysteretic behavior 
of reinforced concrete in flexure. Comparison of the model behavior with 
available cyclic load test data Indicates that the model provides good 
agreement with test results when large displacement cycles are considered 
up to displacements associated with the onset of substantial strength 
degradation (typically occurring at ductility levels ranging from 4.3 to 
6.0). The shakedown behavior (i.e., behavior after peak deformation is 
reached as shown in Figure 3-3c) used in this model is unverified because 
of insufficient experimental data on cyclic behavior after peak response 
is reached. However, proper modeling of this shakedown behavior is 
unimportant so long as a peak displacement (ductility ratio) criteria is 
used as a measure of damage. The proper modeling of this shakedown 
behavior is very Important If a total hysteretic energy absorption 
criterion had been used as a measure of damage. The lack of experimental 
data on shakedown behavior Is one of the primary drawbacks to the use of 
a total hysteretic energy absorption criteria as a measure of damage. 
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3.2.2 Resistance Function Properties Used in this Study 
The following resistance function parameters were used in this 
study: 
a) Slope parameter of post-yield loading curve, s = 0.1 
b) Unloading stiffness parameter, a = 0.35 
c) Strength degradation parameter, Y = 0.95 
The second slope of the loading curve is shallow compared to the initial 
stiffness, K, for most structural elements, with s typically ranging from 
about 0.03 to 0.15. The value chosen for this study (s = 0.1) is 
considered representative for shear walls with large reinforcement ratios 
(approximately one percent steel) typical of nuclear plant structures. 
The second slope increases with steel percentage and s would be less than 
0.1 for steel percentages less than about one percent. A very limited 
parameter study is presented in Appendix D to show that the computed 
ductility level, y, decreases slightly as s is increased above 0.1. The 
results presented herein are reasonable for the case of 0 < s < 0.1 and 
become conservative for cases where s » 0.1. 
The unloading stiffness and strength degradation parameters, a 
and T, respectively, have been chosen to be realistic (slightly conserva-
tive) for ductility levels up to about 4.3 which is the maximum ductility 
level considered in this study. The unloading stiffness parameter, a = 
0.35, results in an unloading stiffness, K̂ ,̂ of approximately two-thirds 
of the initial loading (elastic) stiffness at a ductility level of 3.0 
which is slightly greater unloading softening than shown by most experi-
mental data. However, Appendix D shows results are not sensitive to a. 
Similarly, the strength degradation parameter, y = 0.95, is representative 
of the very slight strength degradations which occur at ductility levels 
less than 4.3. However, this strength degradation is substantially too 
small if the ductility level is increased significantly beyond about 4.3. 
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The elastic yield capacity, V^, for each analysis was estab-
lished by: 
V = mS (f.B) * (3-3) 
y o 
where m is the mass of the structural element, and S /^ g\ is the 
spectral acceleration for the given ground motion at the elastic natural 
frequency, f , and the elastic damping ra t io , 3, where: 
f = f A / T (3-4) 
27r Y m 
represents the frequency at the initial (elastic) stiffness, K. In other 
words, all structures were placed at the onset of yielding when subjected 
to the ground motions defined in Chapter 2. 
This study was conducted at the following two ductility levels: 
Low: y|_ = 1.85 
High: y^ = 4.27 
Inelastic response of shear walls begins as soon as extensive 
concrete cracking occurs. For heavily reinforced shear walls (steel 
percentages of about one percent) typical of those found in nuclear 
plants, this inelastic behavior occurs before the code specified minimum 
ultimate capacity is reached. Based upon our review of a number of shear 
wall designs, a ductility level of about 1.85 represents our best estimate 
of the inelastic deformations which would occur in a shear wall designed 
for static lateral loads to the ACI-349 code capacity. The current 
elastic design analysis method when carried to code ultimate capacities 
is judged to lead to roughly this level of inelastic deformation for 
S (f,B) used here is equivalent to SA in Chapter 1 and Figure 1-10 
for Application B (determination of input scale factors). 
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static lateral loads. In other words, ^^^ of 1.85 is judged to corres-
pond to code capacity pseudo-elastic behavior. This situation is illus-
trated in Figure 3-4. This means that the recommendations and conclusions 
of this study for the low ductility case ( y = 1.85) are considered to be 
appropriate for shear wall structures designed to remain essentially 
elastic for the design earthquake. 
The high ductility level, y^ = 4.27, represents a conservative 
lower bound on the deformations which correspond to significant strength 
degradation under a small number (3 to 5) of strong nonlinear response 
cycles which might occur during strong ground shaking. In other words, 
this ductility level represents our best judgment of a conservative lower 
bound on the onset of significant structural damage. 
Thus, the low (1.85) and high (4.27) ductility levels considered 
in this study are believed to bound the ductility range of interest for 
nuclear plant shear wall type structures. 
3.2.3 Dynamic Properties Used in this Study 
This study is concerned with the engineering characterization of 
ground motion responses of stiff structures representative of those in 
nuclear plants. Such structures tend to have fundamental elastic 
frequencies in the 1.8 to 10 Hz range, i.e., the amplified acceleration 
response range. Therefore, this study is Intended to cover structures, 
with fundamental elastic frequencies from 1.8 to 10 Ht. Results of this 
study can probably be extrapolated to frequencies beyond this range but 
this was not verified by studying structures with elastic frequencies 
outside of this range. Shear wall structural elements with the following 
elastic natural frequencies were used in this study: 
f = 2.14 Hz; 3.20 Hz; 5.34 Hz; 8.54 Hz 
to represent the frequency range from 1.8 to 10 Hz. Elastic stiffnesses, 
K, for the shear wall resistance function were then computed from 
Equation 3-4. 
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Energy dissipation due to the elastic component of response was 
modeled by a viscous damping coefficient, c, given by: 
c = (if) K, (3-5) 
where 6 represents the fraction of critical damping within the elastic 
range of response, and K-,. represents the tangent stiffness at any point 
on the resistance function. The damping coefficient, c, was made propor-
tional to the tangent stiffness as opposed to the initial stiffness to 
avoid double-counting the hysteretic energy dissipation within the inelas-
tic range. Energy dissipation primarily occurs during nonlinear response 
due to the hysteresis loop of the resistance function. This energy 
dissipation is already accounted for by the use of resistance functions 
with hysteretic loops and would be double-counted to some extent if the 
damping coefficient, c, were not reduced during nonlinear response. 
« 
Damping is a term which is utilized to account for various mecha-
nisms of energy dissipation which occur when a structure is subjected to 
dynamic loads. Within the elastic range, damping is normally considered 
to be viscous and it is defined as a percentage of critical damping. It 
is usually difficult to estimate the viscous damping in a structure, 
because it depends on many factors such as material type (i.e., reinforced 
concrete or steel) and stress level. Damping values used in structural 
analyses are usually conservative estimates based upon experimental data. 
A detailed survey of studies on damping in nuclear facilities has been 
recently compiled by Stevenson (1980). Test results indicate that a 
conservative estimate of damping in concrete structures (mainly shear 
walls) varies from 5 percent for stress values below 0.5 yield to 10 
percent for stress values close to yield. Regulatory Guide 1.61 (USNRC, 
1973) suggests a 7 percent damping value be used for shear wall type 
structures under SSE conditions. This value has been used in this 
study. Thus: 
e = 0.07 
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A small parametric study was performed with a lower elastic 
damping value of B = 0.03 and the results are presented in Appendix D. 
This study shows that the results and conclusions of this study on 
reduction factors to be applied to elastic spectra to obtain inelastic 
spectra are slightly conservative when the elastic damping value used for 
the elastic spectra is less than 7 percent. Thus, the results of this 
study are usable for elastic spectra with 7 percent and less damping. 
This study is not Intended to address the question of what value 
of damping should be used when performing nonlinear analyses of shear 
wall structures. There are advocates of damping values ranging from 
about 3% to 10% as well as advocates for both initial stiffness and 
tangent stiffness proportional damping. More research needs to be 
performed on these Issues. However, the conclusions of this study are 
insensitive to these Issues. 
3.3 SIMPLIFIED METHODS TO APPROXIMATE NONLINEAR STRUCTURAL RESPONSE 
Simplified methods to predict nonlinear structural response from 
elastic response spectra consist generally of one of the following 
approaches: 
1. Replace the nonlinear resistance function by an equivalent 
linear resistance function which has a lesser stiffness, 
Ke, and increased damping, 3e. This equivalent linear 
resistance function is then used with the elastic response 
spectra to compute maximum displacement response, 6^ = y<s . 
2. Modify the elastic response spectra to create reduced 
equivalent inelastic response spectra for use with the 
initial elastic stiffness, K, and elastic range damping, B, 
to compute the yield displacement response, Sy and Vy. 
Each of these general methods is discussed in greater detail in the 
following subsections. 
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3.3.1 Equivalent Linear Resistance Function Models 
An equivalent linear resistance function model is developed to 
replace the actual resistance functions (Figure 3-1). This equivalent 
model should be capable of approximating the average reduced stiffness 
(or frequency) and average increased damping which occur during the 
nonlinear response cycles which occur prior to peak response. The secant 
stiffness represents the minimum effective stiffness during nonlinear 
response and for the resistance functions shown in Figure 3-1 this 
stiffness is given by: 
V^' I±f^ (3.6) 
The secant frequency, f^, is obtained from Equation 3-4 by substituting 
Kg for K. Thus: 
f g/f = N/K^/K (3-7) 
The effective frequency, f^, represents the frequency associ-
ated with some "average" nonlinear response cycle and the effective 
damping, e^, represents the sum of elastic, 6, and hysteretic, 3^, 
damping associated with this "average" nonlinear response cycle. 
Appendix C provides technical background suggesting that the effective 
frequencies and damping can be approximated by: 
f ; / f = (i-A) + A(f^/f) 
3 H = C,(l-f^/f) 
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where A and C^ are empirically determined coefficients selected to 
provide a good fit of the peak responses computed by nonlinear time 
history analyses. One would expect A to be approximately 0.5 for the case 
of N=l (one strong nonlinear response cycle) and to increase toward 1.0 as 
N became large with the pinched shear wall resistance function. Further-
more, the coefficient A should increase with Increasing ductility, i.e., 
with reducing (fg/f) ratios. The coefficient C^ is expected to be 
less than 0.55 for N=l, less than 0.38 for N=2, and less than 0.32 for N=3 
and 4 for the pinched shear wall resistance function (See Appendix C). 
However, both A and Ĉ ^ will be empirically determined. 
Previous investigators have made attempts to estimate the average 
effective frequency and damping for nonlinear structural response. Based 
upon a study of Takeda resistance function models for reinforced 
concrete structures, Sozen (Gulkan and Sozen, 1974; and Shibata and 
Sozen, 1976) has suggested: 
(Sozen) f K f 
e s 
3 ' « 3 + 0.2(1-f /f) (3-9) 
" s 
Note that Equation 3-8 would be Identical to Equation 3-9 if A=1.0 and 
Cf̂  = 0.20. 
Similarly, based upon a study of bilinear resistance functions 
and of resistance functions which approximate those for braced frames 
(Figure l-9b), Iwan (1980) has suggested the effective frequency be given 
by: 
f 
(̂ ^̂ "̂  ^; = 1 +0.121(y-1)0-939 
B ; = 3 + 0.0587(y-1)°-37^ (3-10) 
3-14 
The equivalent linear response coefficients, A and C|̂ , will be 
determined in Chapter 4 to provide a good fit of the nonlinear time 
history maximum response results. Then, Equations 3-8, 3-9, and 3-10 
will each be used to predict the nonlinear response factor, F, which will 
be compared with the actual computed nonlinear response factor for all 12 
earthquake time histories and 4 elastic frequencies at y, = 1.85 and 
v^ = 4.27 in the next chapter. F is the scale factor by which the 
ground motion must be increased over that corresponding to structure yield 
capacity in order to achieve a given level of nonlinear response, y. 
With each of these equivalent linear models, the maximum 
nonlinear structural response displacement, <5 is given by: 
m̂= '/ \o (3-11) 
*" (2TTf')2 
whereas, the yield displacement, <5 is given by: 
6y= 'f (3-12) 
or 
S , ( f , 3 ) 
6 = ^ 1 — (3-13) 
^ (2Trf)2 
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Thus, the input scale factor, F , is given by: 




in order to achieve a ductility level y. It is these predicted factors, 
F , which will be compared with 1 
factors, F, in the next chapter. 
the actual nonlinear analysis computed 
3.3.2 Inelastic Spectra* Deamplification Factors 
In lieu of constructing an equivalent elastic structure model to 
account for inelastic response, one can simply modify the elastic spectrum 
to obtain an Inelastic response spectrum for use with the elastic 
structure model. The Inelastic spectral response to use at the elastic 
frequency is obtained by dividing the elastic spectral response at that 




Then the required yield capacity, V̂ ,̂ , of the structure to achieve a 
given ductility level, y, is obtained by using the inelastic spectral 
acceleration, S . in Equation 3-3 in lieu of the elastic spectral 
acceleration, S,. 
a 
* Modified spectra to reflect nonlinear behavior 
** For the purpose of computing spectra deamplification factors (Appli-
cation A), S,(f,3) as used 
a 
Chapter 1 and Figure 1-10. 




One method to predict the inelastic deamplification factor is 
through the use of Equation 3-14. If this equation is used, the 
technique of using an inelastic response spectrum and an elastic 
structure model will produce identical results as are obtained from the 
use of an equivalent elastic structure model with the elastic response 
spectrum so long as the same effective frequency and effective damping 
are used in Equation 3-14 to determine F . 
Alternately, investigators have developed estimates of F 
directly from a combination of theoretical considerations and empirical 
studies. The inelastic deamplification factor is different in the 
amplified spectral acceleration frequency range (generally about 2 to 8 
Hz) than it is in the amplified spectral velocity frequency range 
(generally about 0.25 to 2 Hz). Newmark (1978) has suggested that: 
Acceleration Region 
^ = ̂ a = ^^^^ (3-16) 
Velocity Region 
^ = ^ v = ^ (3-17) 
More recently, Riddell and Newmark (1979) have suggested the following 
improvement on these factors: 




q = q = 3.06 
•0.30 
r = r = 0.48B 
-0.08 
(3-19) 
Veloc i ty Region 
q = q^ = 2.7B 
r = r^ = 0.66B 
-0.40 
-0.04 (3-20) 
When using Equation 3-19 or 3-20, B is elastic damping in percent of 
critical. For y = 1.85 and 4.27, these two approaches yield (B = 7%): 

















The Riddell equations will be used herein for comparison with the time 
history computed F, factors. 
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An inelastic spectral response corner frequency is specified by: 
fsavMr^K.v (3-21) 
where f^^ represents the corner frequency between elastic spectral 
velocity and acceleration as listed in Table 2-5 for each of the ground 
motions considered in this study. At frequencies below f.,„. the 
velocity deamplification factor, F^^, is used to specify the inelastic 
spectral acceleration, Sg by Equation 3-15. At frequencies above f^gy 
the acceleration deamplification factor, F g, is used. However, within 
the amplification acceleration region, the inelastic spectral accelera-
tion is not allowed to drop below: 
Acceleration Region 
y 
as per the suggestion of Riddell and Newmark (1979). 
• 
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a) Bilinear b) Takeda 
6 = y6 
m ^"y 
c) Shear Wall 
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FIGURE 3-2. SHEAR WALL STRUCTURE MODEL AND CORRESPONDING 
HYSTERETIC DEFORMATION BEHAVIOR 
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FIGURE 3-3. CHARACTERISTICS OF THE HYSTERESIS MODEL AND 
IDENTIFICATION OF MODEL PARAMETERS 
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ACI-349 Capacity 
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1.85 (6 ) 
y 
FIGURE 3-4. REPRESENTATIVE RELATIONSHIP BETWEEN ACTUAL NONLINEAR RESISTANCE 
FUNCTION AND ACI-349 CODE CAPACITY FOR SHEAR WALL WITH ABOUT 
ONE PERCENT REINFORCEMENT STEEL 
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4. NONLINEAR STRUCTURAL RESPONSE ANALYSIS RESULTS AND 
COMPARISON TO PREDICTION EQUATIONS 
As noted in Chapter 3, the structural model yield capacities, 
V , were determined from the elastic spectral acceleration, Sg(f,3) , 
at the models elastic frequency, f, and elastic damping B, of 7 percent. 
Next, the input ground motion was scaled by an input amplitude scale 
factor, F, and the maximum inelastic response (ductility factor,y ) was 
computed by time history nonlinear structural response analyses. Note 
that with a scale factor of unity, the elastic yield response (y = 1.0) 
will occur and with F factors greater than unity, inelastic response 
( y>1.0) will occur. A sufficient number of analyses were performed 
with different F factors to enable the F factors corresponding to y. = 
1.85 and y,^ = 4.27 to be accurately determined by interpolation for each 
ground motion time history and elastic natural frequency, f, considered. 
Thus, F represents an input scale factor by which the ground 
motion must be increased over that corresponding to the structure yield 
capacity in order to achieve a given level of nonlinear response,y . 
Alternately, F is also equal to the spectral deamplification factor needed 
to convert an elastic spectral acceleration to a ductility of y. This 
inelastic spectral acceleration then defines the yield capacity, V p, 
required in order to limit the ductility level to y when the structure is 
subjected to the actual unsealed time history. Both definitions for F are 
equivalent to each other. Thus, the input scale factors, F, corres-
ponding to y|_ = 1.85 and ^^ = 4.27 as computed by time history 
nonlinear structural response analyses can be directly compared to the 
inelastic deamplification factors, F , predicted by Equations 3-14 and 
3-16 through 3-20 to evaluate the accuracy of these prediction methods. 
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4.1 INPUT SCALE FACTOR RESULTS FOR GROUND MOTION STUDIED 
Table 4-1 presents the input scale factors, F^ and Fr , 
corresponding to y^ = 4.27 and \ = 1.85, respectively, for the time 
histories and elastic frequencies studied. Mean values, standard devia-
tions, and coefficients of variation of these scale factors are also 
presented for each earthquake ground motion and for each frequency studied 
as well as overall composite values. The trends for the high ductility 
and low ductility scale factors are similar. Therefore, only the high 
ductility scale factor results will be discussed. 
One should not infer that the mean F|̂  and F^ values shown in 
Table 4-1 of 2.62 and 1.54, respectively, can be used as average 
inelastic scale factors. The inelastic scale factor is sensitive to 
duration, frequency, and the smoothness of the elastic spectrum and a 
single average number should not be used for any particular case. 
4.1.1 Duration Effects 
The high ductility scale factor, F̂ ,̂ is plotted in Figure 4-1 
against strong motion duration, Tp, for each of the cases studied. 
Very large data scatter exists. In fact, the coefficient of variation 
for F^ is 0.49. This large data scatter tends to mask strong motion 
duration effects. For durations Tp greater than 2.5 seconds, the 
scatter band on F^ is from 1.25 to slightly less than 4.0 with a mean 
of 2.28 and a coefficient of variation of 0.29. For durations less than 
about 2.5 seconds, the lower bound on F,̂  remains about 1.25 while the 
upper bound rapidly increases with decreasing duration. The result is 
that the mean increases for these short duration records to 3.29 but the 
coefficient of variation also increases to 0.57 or approximately double 
what it was for the longer duration records. 
The only conclusion which can be reached from the comparison is 
that in some cases F|̂  is substantially greater for the short duration 
records than it is for the long duration records but in some other cases, 
^H does not appear to be increased by short duration. 
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4.1.2 Frequency Effects 
Table 4-1 shows a definite trend of increasing FM with 
decreasing elastic natural frequency. However, there is substantial data 
scatter which also tends to increase with decreasing natural frequency. 
Obviously, there is a frequency effect but it is being partially masked 
by some other important effects. 
4.1.3 Influence of Frequency Shift from Elastic to Secant Frequency 
As structures go nonlinear, their effective frequency gradually 
shifts from the elastic frequency toward the softer secant frequency (see 
Section 3.3.1 for a discussion of this effect). As this effect occurs, 
energy is fed into the structure over the frequency range from f to f 
and thus one could postulate that the average spectral acceleration over 
this frequency range is a better descriptor of nonlinear structural 
response than is the elastic spectral acceleration. Thus, if the average 
spectral acceleration within this frequency range is less than the 
spectral acceleration at the elastic frequency then Fn would be high, 
while if the average spectral acceleration is less than the spectral 
acceleration at the elastic frequency, then FM would be low (see Figure 
4-2 for a schematic^ picture of the concept). 
Figures 4-3a through 4-3c plot the relationship between average 
spectral acceleration and elastic frequency spectral acceleration for 
each of the 12 records and 4 frequencies considered. FM exceeds 2.7 in 
each of the following cases: 
'^H^2.7 
Olympia - 2.14 Hz 
Taft - 2.14 Hz 
Artificial - 3.20, 2.14 Hz 
Pacoima Dam - 2.14 Hz 
El Centro #5 - 2.14 Hz 
Coyote Lake - 5.34, 3.20, 2.14 Hz 
Gavilan College - 8.54, 5.34, 3.20, 2.14 Hz 
Melendy Ranch - 5.34, 3.20, 2.14 Hz 
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All of these 16 cases have average spectral accelerations between f and 
fg less than the spectral acceleration at f. Similarly, F^ is less 
than or equal to 1.7 in each of the following cases: 
'̂H ^1-7 
Olympia - 8.54, 5.34 Hz 
Taft - 8.54, 5.34 Hz 
El Centro #12 - 8.54 Hz 
Pacoima Dam - 8.54 Hz 
Goleta - 8.54 Hz 
Coyote Lake - 8.54 Hz 
Parkfield - 8.54, 5.34, 3.20 Hz 
All of these 11 cases have average spectral accelerations between f and 
fg greater than the spectral acceleration at f. 
It is clear that the average spectral acceleration between f and 
fg has a more significant influence on inelastic response than does the 
spectral acceleration at the elastic frequency, f. This factor accounts 
for the large variation in F^. This spectral averaging effect is the 
overriding dominant effect influencing inelastic structural response. 
The spectral averaging effect is much more important than the 
apparent duration effect described in Subsection 4.1.1. In fact, it is 
this spectral averaging effect which creates most of the apparent duration 
effect on F|̂ . As noted in Chapter 2, short duration records (TQ < 
3.0 seconds) appear to have narrow frequency content with a narrow 
frequency range of highly amplified spectral accelerations. When the 
elastic frequency lies from about 1.4 to 2.0 times the frequency at which 
these narrow frequency content spectra have maximum spectral acceleration, 
the F|̂  factor is low (less than 1.70). On the other hand, when the 
elastic frequency is less than 1.2 times the frequency of maximum 
spectral acceleration, the F,̂  factor is higher (greater than 3.0). 
Thus, one should expect very large data scatter on the FM factor for 
these short duration records. 
4-4 
The conclusion is that one must retain the narrow frequency 
content band-width on spectral amplification for these short duration 
records in any engineering characterization of the record for nonlinear 
structural response. All of the comments made in Chapter 2 on the 
importance of frequency content band-width are even more important for 
nonlinear structural response. Short duration records (Tr, < 3.0 
seconds) should not be averaged together in a way which increases their 
frequency content band-width in order to obtain a design spectrum. Such 
averaging will destroy ones ability to accurately compute nonlinear 
structure response using the averaged design spectrum. 
4.2 NUMBER OF STRONG NONLINEAR RESPONSE CYCLES 
So long as the ductility level, y, is used as a measure of 
damage, the spectral averaging effect described in the previous subsection 
will have the predominant influence on the ductility level reached and 
thus on damage. The strong motion duration, Tp, primarily effects the 
spectral averaging process because short duration records have narrower 
frequency content. However, duration also has a very direct influence on 
the number of strong nonlinear cycles, N, and thus the hysteretic energy 
dissipation per cycle (see Subsection 3.3.1 for a technical discussion of 
this effect). This number of strong nonlinear cycles appears to have 
only a minor influence on the maximum ductility level, y, reached. Thus, 
so long as the ductility level is used to describe damage, this duration 
effect on damage will be much less important than the spectral averaging 
effect described previously. However, if the total hysteretic energy 
dissipation were used to describe damage, then this duration effect on 
the number of strong nonlinear cycles would be \/ery important. Thus, the 
following discussions on the number of strong nonlinear cycles is 
warranted even though N has only a minor effect on the ductility level 
reached. 
Figure 4-4 shows a plot of nonlinear structural response versus 
time for a 5.34 Hz structure subjected to the Olympia record scaled to an 
input level to produce a ductility level of 4.35. Initially, the 
4-5 
structure oscillates at an elastic frequency of about 5.3 Hz. Just prior 
toT O t h e first nonlinear excursion occurs. Due to the strong nonlinear 
cycle r i j - (zj , the effective frequency is reduced to about 4.1 Hz. A 
second strong nonlinear cycle is associated with M ^ - M J - Q T ^ . Due to 
this cycle, fg is further reduced to about 3.7 Hz. The next strong 
nonlinear cycle is ̂ 6 ^ - (Vj. During this time, the effective frequency 
gradually lowers from 3.6 to 3.1 Hz. The last nonlinear cycle is ( s ) -
Qgj and peak ductility, y = 4.35, is reached at ^ ¥ ) . Olympia results in 
essentially 4 strong nonlinear cycles through the time of peak 
displacement. The effect of previous nonlinear cycles is to reduce the 
hysteretic energy dissipation during the last cycle ( V ) -r9)below that 
which would have occurred at this ductility if the preceding cycles had 
not occurred. Thus, the peak ductility, y, is somewhat greater than would 
have occurred with this same factor, F, if the preceding cycles had not 
occurred. 
The influence of strong duration, Tp^ on the number of strong 
nonlinear cycles is illustrated by comparisons of the nonlinear resistance 
versus deformation plots for Taft (Tp = 10.3 seconds), Parkfield (T^ = 
1.4 seconds), and Melendy Ranch {l^^ = 0.8 seconds). These resistance 
versus deformation plots are shown in Figures 4-5 through 4-7 for a 5.34 
Hz structure at ductility levels of approximately 1.9 and 4.3. Note that 
the number of strong nonlinear cycles does not appear to be sensitive to 
the ductility level. This conclusion was found to be generally true for 
all cases studied. Next, Figures 4-8 and 4-9 present the resistance 
deformation diagrams for Taft and Melendy Ranch scaled to produce 
ductility levels of approximately 4.3 for elastic frequencies of 2.14, 
5.34, and 8.54 Hz. These plots show that the number of strong nonlinear 
response cycles does vary somewhat with frequency. However, no consistent 
trends were observed. Sometimes N increased as f decreased and sometimes 
N decreased as f decreased. Generally, the differences were one cycle. 
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Table 4-2 presents the relationship between strong duration, 
TQ, and the number of strong nonlinear response cycles, N, generally 
observed in this study. Also presented in this table are frequency and 
damping coefficients, Cp and Cfj, which will be discussed in the next 
section. 
4.3 COMPARISON OF COMPUTED SCALE FACTORS WITH THOSE PREDICTED BY 
EQUIVALENT LINEAR RESPONSE MODELS 
The scale factors, F, by which the ground motion amplitudes must 
be increased to achieve a ductility ratio of y, = 1.85 or PLI = 4.28 
are listed in Table 4-1. These factors were computed by performing 
nonlinear time history analyses. It would be desirable to be able to 
predict these scale factors simply from characteristics of the elastic 
response spectra without having to perform nonlinear time history 
analyses. One method to achieve this goal would be to convert the 
nonlinear resistance function for the structure to an equivalent linear 
resistance function with an effective frequency, f' and effective 
damping, Bg. This equivalent linear model is used with the elastic 
spectral acceleration at frequency f^ and damping 6^ to compute peak 
response. By this approach, the predicted scale factor, F , is given by 
Equation 3-14. Then, the ratio, R, given by: 
R = -f (4-1) 
represents the ratio of the predicted to time history computed scale 
factor. If R exceeds 1.0, the equivalent linear model overpredicts 
(unconservative) the scale factor. Conversely, if R is less than unity, 
the equivalent linear model underpredicts (conservative) the scale factor. 
The desire is to find a method to define the equivalent linear model so 
that the mean value of R will be close to unity with a small coefficient 
of variation. 
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Subsection 3.3.1 suggested that the effective frequency, f' 
and effective damping, B^, could be defined by Equation 3-8 in terms of 
two empirical coefficients, A and C^. jhe coefficient A was varied 
from 0 to 1.0 in 0.1 increments while the coefficient C» was varied 
from 0 to 0.5 in 0.1 increments. For each specific set of A and C^ 
coefficients, the ratio R of predicted to computed scale factors was 
determined for the four elastic frequencies, f, the two ductilities,y , 
and the twelve time histories studied. It was found that a mean R value 
close to unity with a low coefficient of variation could be achieved when 
A was defined by: 
'̂  = ^F (1- (fs/f) )^0.85 (4-2) 
with the coefficients Cp and C^ defined in Table 4-2 as functions of 
the number of strong nonlinear cycles N. 
One should note that as A increases, the effective frequency, 
fg* is shifted closer to the secant frequency (A = 1.0) and away from 
the elastic frequency (A = 0 ) . It was found that A increases with 
increases in the number of strong nonlinear cycles and with decreases in 
the ratio (fg/f), i.e., increases in the ductility ratio,y . However, 
A should not exceed 0.85. Thus, the effective frequency (Equation 3-8) 
does not shift more than 85% of the difference from the elastic frequency 
to the secant frequency. The lowest A found in this study was 0.35 for 
Melendy Ranch (N=l) at the low ductility y= 1.85 (f^/f = o.77). Thus, 
in this study, the effective frequency was found to range from 35% to 85% 
of the difference from the elastic frequency to the secant frequency. 
Table 4-3 lists the ratio of (f^/f) as obtained from Equations 3-8 and 
4-2 and the Cp values in Table 4-2 for N=l through 4 for the low and 
high ductility cases studied. 
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The hysteretic damping coefficients, Cĵ , listed in Table 4-2 
range from 32% to 55% of the values listed in Equation C-10 of Appendix C 
for C^^ associated with the largest nonlinear response cycle. This 
coefficient C^ decreases substantially as N is increased from 1 to 2 and 
only slightly with further increases in N. Table 4-3 presents the 
effective damping percentages Bg, which results from the use of these 
Ĉi values in Equation 3-8 for the cases studied. Damping percentages 
are rounded to the closest 0.5%. One should note that the effective 
damping percentages, Bg, are only slightly increased over the elastic 
damping ( B= 7%) for the low ductility (y^ = 1.85) case with N of 2 and 
greater. Significantly higher effective damping percentages result for 
the high ductility cases (y^ = 4.27) and for the case of N=l. 
Also shown in Table 4-3 are effective frequency and damping 
percentages as defined by the Sozen procedure (Equation 3-9) and the Iwan 
procedure (Equation 3-10). The effective frequencies obtained by the 
method recommended in this study generally lie between those obtained by 
the Sozen and Iwan methods. For N=l, the method recommended herein gives 
an effective frequency yery similar to that from the Iwan method. 
However, as N increases, the recommended method produces an effective 
frequency lower than that from the Iwan method and higher than that from 
the Sozen method. 
The effective damping percentages obtained from the recommended 
method are substantially lower than those obtained from the Sozen and Iwan 
methods. The reasons for this lower effective damping are twofold: 
1. The shear wall resistance functions used in this study have 
a more extreme pinched behavior (more conservative) than 
the resistance functions used in the Sozen and Iwan studies. 
It is believed that the resistance functions used in this 
study are more realistic for shear wall structures and are 
conservative for other structural systems where the 
resistance functions used by Sozen and Iwan are likely to 
be more realistic. 
2. The elastic damping,B , was made proportional to the tangent 
stiffness at any time in this study whereas the elastic 
damping was held proportional to the initial stiffness in 
the Sozen and Iwan studies. Thus, within this study, the 
effective elastic damping was much reduced during nonlinear 
response. The reasons for making elastic damping propor-
tional to the tangent stiffness are given in Subsection 
3.2.3. 
Tables 4-4 through 4-6 present the ratios R of predicted to 
computed scale factors obtained from effective linear models defined by 
the recommended, Sozen, and Iwan methods, respectively. 
Table 4-4 shows that an effective linear model with effective 
frequency and effective damping defined by the recommended procedure 
accurately predicts the scale factor. The ratio of predicted to computed 
scale factors has a mean of 0.98 (2% conservative) for the high ductility 
case and a mean of 1.02 (2% unconservative) for the low ductility case. 
Furthermore, the COV about these means are only 0.12 and 0.09 for the 
high and low ductility cases, respectively. At the worst extremes, the 
ratio of predicted to computed scale factors ranged from 0.75 to 1.29 for 
the high ductility case and from 0.85 to 1.26 for the low ductility case. 
This agreement is considered to be exceptionally good. Furthermore, no 
consistent errors are observed. The agreement is equally good throughout 
the frequency range covered (approximately 1.8 to 10 Hz). The agreement 
is good for all 12 time histories considered. Figure 4-10 demonstrates 
that the ratio R of predicted to computed scale factors is independent of 
the strong motion duration, TQ, and the ductility level,y . In other 
words, no consistent bias exists with either of these parameters. The 
worst COV are for the Coyote Lake record but are only 0.20 and 0.15 for 
the high and low ductility cases, respectively. The most severe uncon-
servatism occurs for the Taft and El Centro #12 records where the 
predicted scale factors are 6 to 10% unconservative on the average. The 
most severe conservatism occurs for the El Centro #5 and Pacoima Dam 
records where the predicted scale factors are 5 to 12% conservative on 
the average. 
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The Sozen method (Table 4-5) also performs well on the average 
for defining an effective linear structure model to be used to predict 
peak response. However, it does not perform as well as the recommended 
procedure. On the average, the Sozen model introduces slight conservatism 
(2% for the high ductility case, and 6% for the low ductility case). How-
ever, the COV are from 150% to 200% of those for the recommended 
procedure. Thus, the scatter band is larger with the ratio of predicted 
to computed scale factors ranging from 0.66 to 1.43 for the high ductility 
case and from 0.60 to 1.37 for the low ductility case. Furthermore, 
consistent errors are observed. The method tends to introduce consistent 
conservative bias (ratios of predicted to computed scale factors less 
than unity) when the elastic frequency lies to the stiff side of the 
frequency at which the elastic spectra peak. The basic problem appears 
to be that the method overpredicts the softening of the structure. Thus, 
the method tends to overpredict the peak displacement (ductility) 
response of the structure for a given level of ground motion. On the 
other hand, the method also tends to overestimate the effective damping 
for the shear wall resistance functions used in this study and this tends 
to underpredict peak response. On the average, this overprediction and 
underprediction cancel each other and thus the mean ratio of predicted to 
computed scale factors is close to unity. However, for structures with 
an elastic frequency on the stiff side of the frequency at which spectral 
accelerations peak, the overprediction of displacement (ductility) due to 
too large a frequency shift is substantially greater than the under-
prediction due to the use of too large of an effective damping and the 
net result is significant overprediction of peak response. 
The Iwan method (Table 4-6) does not perform well in defining an 
effective linear structure model for the shear wall resistance functions 
used in this study. The ratio of predicted to computed scale factors for 
a given ductility ratio is consistently greater than unity. This means 
that for a given ground motion level, the Iwan method will consistently 
unconservatively underpredict the peak displacement (ductility) response. 
This unconservatism results from both an underestimate of frequency shift 
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and an overestimate of the effective damping. This unconservatism is 
significantly greater for the long duration records (N=3 and 4) than for 
Melendy Ranch (N=l) for which the Iwan method works reasonably well. In 
general, the Iwan method should not be used to generate effective linear 
structure models for shear wall type structures. 
The conclusion is that an equivalent linear model can be used to 
accurately predict peak nonlinear response of structures at least within 
the elastic frequency range from 1.8 to 10 Hz studied herein. For shear 
wall type structures, the procedure recommended herein should be used to 
define the effective frequency, fg, and effective damping, ̂ e» of the 
equivalent linear model. This procedure requires that the number of 
strong nonlinear response cycles, N, be defined. Table 4-2 can be used 
to define N as a function of the strong duration TQ. This procedure 
will be conservative for other types of structural resistance functions 
where the pinching behavior is less severe than for the shear wall 
resistance function models used in this study. 
4.4 COMPARISON OF COMPUTED SCALE FACTORS WITH THOSE PREDICTED BY 
INELASTIC RESPONSE SPECTRA 
As noted in Section 3.3.2, in lieu of constructing an equivalent 
elastic structure model to account for inelastic response, one can simply 
modify the elastic spectrum to obtain an inelastic response spectrum for 
use with the elastic structure model. The inelastic spectral response 
associated with the elastic frequency, f, and elastic damping,B , is 
obtained by dividing the elastic spectral response at this frequency and 
damping by an inelastic deamplification factor, F , as shown in Equation 
3-15. 
One method to define F is through the use of Equation 3-14 
together with the effective elastic frequency, fg, and effective damping 
Bg. defined in the preceding section for the equivalent elastic 
structure model. Another method to define F is through the use of the 
Riddell procedure described in Subsection 3.3.2. Lastly, F might be 
defined by some average spectral acceleration within a frequency range 
bounded by the elastic frequency, f, and the secant frequency, f^. 
Thus: 
where S (f^ - f ,B ' ) represents the average spectral acceleration 
between an upper frequency, f^, and the secant frequency, fg, at an 
average effective damping, B^g, and fga represents an average 
effective frequency within the frequency band from f^ to fg. Intui-
tively, it would seem that this averaging process would provide a more 
accurate estimate of F than that obtained by Equation 3-14 wherein only 
a single effective frequency, fg, is used. 
Many different forms of spectral averaging were tried. These 
included: 
1. Averaging spectral accelerations with a uniform weighting 
of spectral accelerations at all frequencies between f and 
f . " 
s 
2. Averaging spectral accelerations with a linear increase in 
weighting of spectral accelerations as frequencies were 
decreased from f (zero weighting) to f <. (unity weighting). 
u -' 
3. Uniform weighted averaging of spectral velocities at all 
frequencies between f and f^, 
u s 
It was found that Methods (2) and (3) did not produce better accuracy in 
estimating F than could be obtained with Method (1). Therefore, only 
the method based on uniform weighted averaging of spectral accelerations 




The upper frequency, f , was defined by: 
{-j-)= (1-B) + B(-f) (4-4) 
and for uniform weighted averaging, the average effective frequency 
within the frequency band from f to f is: 
f + fc 
f = -^-^ (4-5) 
ea c 
Then the average effective damping was defined by: 
ea 
(4-6) 
Note that Equations 4-4 and 4-6 are identical in format to Equation 3-8 
which was recommended for developing a single frequency equivalent 
elastic structural model. The coefficient, B, was varied from 0(fjj = f) 
to l(f = f ) in 0.1 increment intervals while the coefficient CM was 
varied from 0 to 0.5 in 0.1 increments. For each specific set of B and 
C|̂  coefficients, the ratio R of predicted to computed deamplification 
factors was determined for the four elastic frequencies, f, the two 
ductilities, y, and the 12 time histories studied. 
• 
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Mean R values close to unity with a low coefficient of variation 
could be achieved when: 
B = r2Cp(l-(f5/f))j-l (4-7) 
except 
0 < B < 0.70 
with the coefficients Cp and C^ being identical to those defined for 
the effective elastic structural model in Table 4-2. It should be noted 
that with B defined by Equation 4-7, the average effective frequency, fgg, 
is identical to the equivalent elastic frequency, fg, defined by Equations 
3-8 and 4-2 for all cases where A from Equation 4-2 exceeds 0.5 since B = 
(2A-1). However, when A is less than 0.5, B is limited to a lower bound 
of zero (f̂ j = f) and f' is less than f'. For those cases where fg^ is 
less than f', the average effective damping, Bg^, from Equation 4-6 is 
slightly greater than B ' from Equation 3-8. Otherwise, these two 
effective damping ratios are identical. Table 4-7 lists the frequency 
ratios (f,,/f), and (f' /f) and the average effective damping percentage, 
6 !=.» found from Equation 4-4 through 4-7 together with Table 4-2 for all 
cases studied. Note that average effective damping has been rounded to 
the nearest 0.5 percent. 
The ratio of the predicted inelastic deamplification factor 
(identical to scale factor) using Equation 3-14 together with the 
effective frequency, fg, and effective damping, Bg, to the computed 
factor has already been given in Table 4-4 since this method is identi-
cal to the use of an equivalent elastic structure model. The ratio of 
the predicted inelastic deamplification factor using the spectral 
averaging approach defined by Equations 4-3 through 4-7 to the computed 
factor is given in Table 4-8. The ratio of the predicted inelastic 
deamplification factor obtained by the Riddell method (Equations 3-18 
through 3-22) to the computed factor is given in Table 4-9. 
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By comparing Table 4-8 and Table 4-4, one notes that the spectral 
averaging approach recommended in this section does only trivially better 
than the simpler equivalent elastic frequency approach of the previous 
section. The mean ratios of predicted to computed deamplification factors 
are essentially identical from the two approaches. The spectral averaging 
approach shows only a negligible reduction in an already low coefficient 
of variation. However, the spectral averaging approach does reduce the 
extreme bounds of this ratio of predicted to computed deamplification 
factors. Whereas, for the high ductility case the equivalent elastic 
model produced a scatter band for this ratio ranging from 0.75 to 1.29, 
the spectral averaging approach reduces this band to a range from 0.75 to 
1.19. Similarly, for the low ductility case, the equivalent elastic 
model scatter band ranged from 0.85 to 1.26 while the spectral averaging 
approach scatter band ranged from 0.85 to 1.14. Response spectra contain 
a number of small local peaks and valleys even at damping ratios as high 
as 12%. The equivalent elastic model approach can place the effective 
frequency at one of these local valleys or peaks. The spectral averaging 
approach smooths these local valleys and peaks and thus reduces the 
possible extremes in the ratio of predicted to computed deamplification 
factors. This smoothing represents a minor improvement. It is unclear 
whether this minor improvement warrants the substantial increase in compu-
tational work entailed by the spectral averaging approach. 
The mean ratio of the predicted to computed inelastic deamplifi-
cation factor for the Riddell method is 1.10 (10% unconservative) for both 
the high and low ductility cases studied. This mean unconservatism is due 
to the extreme pinched behavior of the shear wall resistance functions 
used in this study. Such pinching was not considered in the Riddell 
study. This slight unconservatism of the Riddell method could be accommo-
dated in design by the use of slightly lower acceptable ductility levels 
in design. However, the Riddell method also shows COV for the ratio of 
predicted to computed deamplification factors which range from 140% to 
200% of those obtained for the spectral averaging method recommended in 
this study. For the high ductility case, the scatter band ranges from 
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0.43 to 1.78 which is judged to be excessively large when compared to a 
scatter band of 0.75 to 1.19 for the spectral averaging method. The 
problem of a large scatter band is not as severe for the low ductility 
case where it ranges from 0.88 to 1.47 for the Riddell method as compared 
with 0.85 to 1.14 for the spectral averaging method. The Riddell method 
is a very easy method to generate an inelastic response spectrum. 
However, this study shows it should be used with some caution because of 
the potentially large uncertainties as expressed by the wide scatter bands 
demonstrated herein. It should be noted that the Newmark method described 
in Subsection 3.3.2 would be slightly less accurate than the Riddell 
method so these same comments apply to the Newmark method. 
4.5 CONCLUSIONS ON PREDICTING INELASTIC RESPONSE 
It is concluded that the inelastic spectral response, S, if „\, 
apkT,3; 
associated with an elastic structural frequency, f, elastic damping, 3, 
and ductility factor, y, can be accurately approximated by either: 
Point Estimate Approach 
S ff' 8 ' ) 
'^ y(f;/f)2 
spectral Averaging Approach 
S (f -f ,6 'J 
S, (f.3) = ' ' ' 2'' (4-9) 
where f ' and g ' represent the best estimate effective frequency and 
effective damping ratios as defined by Equations 3-8, and 4-2 with 
coefficients defined by Table 4-2. Similarly, S^ ̂ ^u'^s'^ea^ represents 
the average spectral acceleration between frequencies f^ and f^ for an 
average effective damping,3' , and f ' represents the midpoint frequency 
between f and f where these terms are defined by Equations 4-4 through 
4-7 with coefficients from Table 4-2. 
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Within this study, the spectral averaging approach shows only a 
slight improvement in accuracy over the point estimate approach. Both 
approaches are very accurate with a COV of only 0.12 at v^ = 4.27, and a 
COV of only 0.09 at v, = 1.85 for the point estimate approach with 
slightly lower COV for the spectral averaging approach. The spectral 
averaging approach requires substantially greater computational effort. 
However, it does smooth out local peaks and valleys in the spectral 
responses and this smoothing is desirable. Therefore, for an elastic 
response spectrum which contains significant local peaks and valleys at 
damping values of 7.5 to 12.5%, the spectral averaging approach would be 
slightly preferable. If the elastic response spectrum does not contain 
significant local peaks and valleys at these higher damping levels, the 
point estimate approach would be equally accurate. 
It should be noted that both approaches require knowledge of the 
elastic response spectrum at the appropriate damping values which range 
from 7.5 to 12.5% for the ductility levels considered in this study. In 
addition, both methods require an approximate knowledge of strong motion 
duration, TQ, since the frequencies fg, fg^, and fjj and the effective 
damping values, g' and 3' depend slightly on Tp particularly when T Q 
becomes moderately short (7 seconds and less). These properties represent 
the minimum engineering characterization of the ground motion required for 
predicting inelastic structural response. 
The approaches defined by Equation 4-8 and 4-9 for predicting 
inelastic spectral response and the approach described in the previous 
section for defining an equivalent elastic structural model were developed 
for shear wall type resistance functions with elastic damping of 7%. 
However, based upon the parameter studies described in Appendix D, these 
approaches can be conservatively used for braced frames and other 
structural or equipment systems so long as the structural system does not 
have a resistance-deformation function which shows greater stiffness 
degradation and pinching behavior than that used in this study for shear 
walls. 
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The brief parametric studies in Appendix D demonstrate: 
1. Equation 4-6 can be used to estimate the average effective 
damping equally well for an elastic damping of 3% as for an 
elastic damping of 7%. The prediction procedure works 
equally well at 3% elastic damping as at 7% elastic damping. 
2. The frequency shift and hysteretic damping coefficient, Cp 
and C|̂ , in Table 4-2 were developed for a shear wall 
resistance function model. Use of these coefficients will 
introduce only a slight conservatism for the Takeda model. 
The shear wall model overestimates the stiffness degradation 
and pinching behavior for braced-frame and bilinear 
resistance function models. Therefore, these coefficients 
overemphasize the importance of N and TQ for such 
models. The input scale factor (inelastic spectral 
deamplification factor) for the braced-frame and bilinear 
resistance function models studied in Appendix D lay midway 
between the scale factors predicted using the Cp and C^ 
given in Table 4-2 for the appropriate TQ and the scale 
factor predicted using Cp = 1.5 and C^ = 0.30 which are 
given for N=l. Averaging the results obtained from the use 
of these two different sets of Cp and C|\j values will 
improve the prediction accuracy for braced-frame and 
bilinear models when TQ is greater than 1.0 seconds. 
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TABLE 4-1 
STATISTICAL EVALUATION OF SCALE FACTOR DATA 







Olynpla, UA., 1949 
(N86E) 
Taft . Kern Co.. 1952 
(S69E) 
El Centro Array No. 12 
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Art i f ic ia l 
(R.6. 1.60) 
Pacolma Dam 
San Fernando. 1971 CS14W) 
Hollywood Storage PE Lot. 
San Fernando. 1971 (N90E) 
El Centro Array No. 5. 
Imperial Valley. 1979. (140) 
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Santa Barbara. 1978 (180) 
Gllroy Array No. 2. Coyote Lake. 
1979. (050) 
Cholame Array No. 2. Parkfleld 
1966 (N65E) 
Gavllan College 
Hoilister. 1974 (S67H) 
Melendy Ranch Barn. Bear Valley. 
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(b) Scale Factors (F^) for Low Ductility Ratio {y^^ ' 1.85) 
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CORRELATION BETWEEN DURATION (T|!j), EFFECTIVE NUMBER OF STRONG NONLINEAR CYCLES (N), FREQUENCY SHIFT 
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TABLE 4-4 
RATIO OF PREDICTED TO COMPUTED SCALE FACTOR FOR RECOMMENDED METHOD TO 
DEFINE EFFECTIVE LINEAR MODEL 
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RATIO OF PREDICTED TO COMPUTED SCALE FACTOR FOR SOZEN METHOD TO 
DEFINE EFFECTIVE LINEAR MODEL 
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RATIO OF PREDICTED TO COMPUTED SCALE FACTOR FOR IWAN METHOD TO 
DEFINE EFFECTIVE LINEAR MODEL 
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RATIO OF PREDICTED TO COMPUTED INELASTIC DEAMPLIFICATION FACTOR FOR 
RECOMMENDED SPECTRAL AVERAGING METHOD 














Olympla. UA.. 1949 
(NOeE) 
Ta f t , Kem Co.. 1952 
(S69E) 
El Centro Array No. 12 
Imperial Val ley, 1979. (140) 
A r t i f i c i a l 
(R.G. 1.60) 
Pacolma Dam 
San Fernando. 1971 (S14U) 
Hollywood Storage PE Lot , 
San Fernando. 1971 (N90E) 
El Centro Array No. 5, 
Imperial Val ley, 1979, (140) 
UCSB Goleto 
Santa Barbara, 1978 (180) 
Gilroy Array No. 2, Coyote Lake, 
1979, (050) 
Cholame Array No. 2 , Parkf le ld 
1966 (N65E) 
Gavllan College 
Ho l l l s t e r , 1974 (S67H) 
Melendy Ranch Barn, Bear Val ley, 
1972 (N29W) 





































































































































Olympla. UA.. 1949 
(N86E) 
Ta f t . Kem Co.. 1952 
(S69E) 
El Centro Array No. 12 
Imperial Val ley. 1979. (140) 
A r t i f i c i a l 
(R.G.,1.60) 
Pacolma Dam 
San Fernando, 1971 (S14H) 
Hollywood Storage PE Lot , 
San Fernando. 1971 (N90E) 
El Centro Array No. 5. 
Imperial Val ley, 1979, (140) 
UCSB Goleto 
Santo Barbara, 1978 (180) 
Gl l roy Array No. 2, Coyote Lake. 
1979, (050) 
Cholame Array No. 2 , Parkf leld 
1966 (N65E) 
Gavllan College 
Ho l l l s te r , 1974 (S67H) 
Melendy Ranch Barn. Bear Val ley, 
1972 (N29W) 
























































































































RATIO OF PREDICTED TO COMPUTED SCALE FACTOR FOR RIDDELL METHOD TO 
DEFINE EFFECTIVE LINEAR MODEL 
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Low Ductility Case (p •= 1.85) 
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5. GROUND MOTION CHARACTERIZATION FOR NONLINEAR RESPONSE 
Chapter 2 described the engineering characterization of ground 
motion for elastic structural response. This chapter will extend that 
engineering characterization of ground motion to the prediction of 
nonlinear structural response using the procedure recommended by Chapter 4 
for predicting nonlinear response. 
The nonlinear response characterization of ground motion can be 
defined in terms of the inelastic spectral response, Ŝ ^ (f,B), which can 
be obtained by the spectral averaging approach of Equation 4-9, This 
inelastic spectral response can be obtained for either an average design 
spectrum such as R.G. 1.60 or for actual earthquake spectra. It was shown 
in Chapter 2 that the R.G. 1.60 spectrum anchored to an "effective" accel-
eration could be used as an engineering characterization of the ground 
motion for longer duration (TQ > 3.0 records) broad frequency content 
(1.2 to 5.5 Hz) records when predicting the elastic response of stiff 
structures (natural frequencies of 1.8 to 10 Hz). Therefore, the 
inelastic spectral responses will first be shown for the R.G. 1.60 
spectrum. 
5.1 INELASTIC R.G. 1.60 SPECTRA 
Figures 5-1 and 5-2 show the inelastic response spectra from 1.0 
to 10.0 Hz corresponding to y = 1.85 and y = 4.27 for the 7% damped R.G. 
1.60 spectrum. All spectra are anchored to a l.Og ground acceleration. 
The inelastic spectra were developed using Equations 4-4 through 4-7 and 
4-9 together with the coefficients of Table 4-2. The inelastic deamplifi-
cation factors for a given ductility are a constant throughout the ampli-
fied acceleration frequency range and another constant throughout the 
amplified spectral velocity region. These constants are a function of the 
number of strong inelastic cycles (i.e., a function of the strong 
duration) decreasing with an increasing number of cycles. One can compare 
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these constant F factors found from this study for shear wall resistant 
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One should note that the Riddell F values are greater than the F 
values found in this study for the longer duration records (N=2 through 4) 
for which the R.G. 1.60 spectrum was an adequate characterization of the 
ground motion. The shear wall resistance function models used in this 
study have significantly lower effective damping Bg than the models used 
in the Riddell study for the same elastic damping of 755. 
# 
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The conclusion is that the inelastic deamplification factors 
proposed by Riddell are unconservative for the shear wall resistance 
function models used in this study. This unconservatism increases with 
ductility level from a factor of about 1.15 at y = 1.85 to about 1.37 at 
P = 4.27. 
Secondly, one should note that for Tp > 3.0 seconds (N=2 
through 4), the F̂ j factor is rather insensitive to N. One could use the F^ 
values for N=3 with a maximum error of about + 6%. Therefore, for broad 
frequency content ground motions associated with TQ > 3,0 seconds for 
which the R.G. 1.60 spectrum is a reasonable characterization of the 
ground motion, it is unnecessary to estimate TQ' or N. It is adequate 
to assume N=3 for the purpose of predicting the ductility level y. 
5.2 PREDICTED INELASTIC SPECTRA FOR REAL TIME HISTORIES 
Figures 5-3 through 5-13 present the inelastic spectra predicted 
within the frequency range from 1.0 to 10.0 Hz for the 11 real time 
histories included in this study using the prediction methods of Chapter 4 
and ductilities of 1.85 and 4.27. Several points should be noted from 
these figures: 
1. The peak inelastic spectral accelerations always occur at 
frequencies higher than those at which the peak elastic 
spectral accelerations occur. This situation occurs because 
inelastic response of these higher frequency structures 
shifts the effective frequency downward into the range of 
peak elastic response. 
2. The inelastic deamplification factors associated with 
frequencies equal to or less than that at which the elastic 
spectrum peaks are much greater than those for higher 
frequencies. 
These points are most dramatically illustrated by the Parkfield 
Cholame Array #2 spectra (Figure 5-11). The elastic spectral amplifica-
tions are very high from 1.2 to 3.0 Hz and drop off very rapidly at both 
higher and lower frequencies. The largest inelastic deamplification 
5-3 
factors are associated with elastic frequencies less than 3.0 Hz since 
inelastic response will shift these frequencies lower and markedly reduce 
response. Structures with frequencies of 3.0 Hz and less could be 
designed to yield at spectral accelerations much less than those indicated 
by the elastic spectra for Parkfield without severe damage. However, for 
the Parkfield record one must be very careful not to reduce the elastic 
spectral accelerations for structures in about the 3.5 to 5.0 Hz range. 
These structures should be designed to remain elastic for the Parkfield 
record. Inelastic response of such structures will shift their effective 
frequencies into the frequency range (1.2 to 3.0 Hz) within which the 
power of the input is predominantly concentrated. For such structures, 
inelastic responses would rapidly increase because of this frequency 
shift. For records with narrow frequency content, such as Parkfield, one 
should be very careful about taking any credit for inelastic response for 
structures which lie slightly to the stiff side of the predominant 
frequency range of the record. On the other hand, for even stiffer 
structures (elastic frequencies greater than 5.0 Hz) the inelastic 
deamplification factors are again significant although not as large as 
for structures with frequencies below 3.0 Hz. 
5.3 COMPARISON OF INELASTIC SPECTRA TO R.G. 1.60 INELASTIC SPECTRA 
In Section 2.3, the 7% damped elastic R.G. 1.60 spectrum 
anchored at an "effective" acceleration was compared to the 1% damped 
elastic spectra for the 11 real earthquake time histories over the 
frequency range from 1.8 to 10 Hz. The "effective" acceleration, A^c, 
was set so that 84% of the actual spectral accelerations between 1.8 and 
10 Hz would lie below the R.G. 1.60 spectrum. In other words, the R.G. 
1.60 spectrum was exceeded at 16% of the frequencies between 1.8 and 10 
Hz. This process has been repeated for the inelastic spectra corres-
ponding to y = 1.85 and 4.27. The corresponding "effective" acceleration, 
^Dy» ^^"^ inelastic response are shown in Table 5-1. 
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Figures 5-3 through 5-13 compare the y = 1.0, 1.85, and 4.27 
spectra for the 11 actual records studied to the corresponding R.G. 1.60 
spectra anchored to the effective design accelerations, A^ , for these 
same ductility levels for frequencies from 1.0 to 10 Hz. The R.G. 1.60 
spectrum used depends upon the number of strong nonlinear cycles, N. The 
N = 4 spectrum was used for Olympia; N = 3 for Taft and El Centro #12; 
N = 1 for Melendy Ranch; and N = 2 for the other 7 records. Table 5-2 
presents the maximum, median, and minimum ratio of actual inelastic 
spectral acceleration to R.G. 1.60 inelastic spectral acceleration 
(SA,, /SA,, ) for the frequency range from 1.8 to 10 Hz considered in 
•̂a ^1.60 
this study. 
The six real ground motion records with T^ > 3.0 seconds 
(Olympia through El Centro #5) are all reasonably fit by the R.G. 1.60 
spectrum anchored at A Q for y = 1.0 (elastic), 1.85, and 4.27. Actually, 
the fit is even better for the inelastic Reg. Guide spectra to the 
inelastic actual spectra than it is for elastic spectra (y = 1.0). There-
fore, the conclusion of Section 2.3 that the R.G. 1.60 spectrum anchored 
to an "effective" acceleration provides an adequate engineering character-
ization of the ground motion for the six longer duration records for 
elastic response of structures with elastic frequencies between 1.8 and 
10 Hz can be easily extended to inelastic response at least up to 
ductility levels of 4.3. The reason that the R.G. 1.60 spectrum works 
even better for inelastic response than for elastic response is that 
inelastic response spectra are smoother than elastic spectra and thus can 
be better fit by a smooth, broad frequency design spectrum such as R.G. 
1.60. 
Similarly, the conclusion of Section 2.3 that the elastic R.G. 
1.60 spectrum does not provide an adequate engineering characterization 
for the 5 shorter duration records (Tp ^ 3.0 seconds) for elastic 
response can also be extended to inelastic response. 
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For the six records with broad frequency content and T^ > 3.0 
seconds (Olympia through El Centro #5), the "effective" design accelera-
tions, AQ^, for y = 1.0, 1.85, and 4.27 are compared in Table 5-1 to the 
corrected instrumental ground acceleration, a, the rms based design accel-
eration, Ap^j^, and the Spectral Intensity based design acceleration, 
^DE2» described in Section 2.3. For these six records, all three accel-
erations could serve as a basis for defining "effective" acceleration to 
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The rms-based "effective" acceleration, Ap^^, has the lowest 
COV. However, it also introduces a mean factor of unconservatism of 
between 1.06 at the lower ductilities to 1.10 at y = 4.27. Considering 
the conservative bias introduced by use of the R.G. 1.60 spectrum (see 
Table 5-2), this slight factor of unconservatism is unimportant. When the 
R.G. 1.60 spectrum is anchored to Ap^^, within the 1.8 to 10 Hz range, 
the following ratio of (SA /SA ) are obtained for the 6 records 



































For broad frequency content records (frequency content at least 
throughout the range from 1.2 to 5.5 Hz) associated with durations TI 
greater than 3.0 seconds, both the elastic (y = 1.0) and inelastic 
response chararacteristics of the ground motion for structures with 
elastic frequencies from 1.8 to 10 Hz can be adequately characterized by 
the R.G. 1.60 spectra anchored to an rms based "effective" acceleration 
defined by Equation 2-15. For the six records studied with these charac-
teristics, the maximum factor of unconservatism obtained at any frequency 
from 1.8 to 10 Hz for ductilities from 1.0 to 4.3 was 1.32 while the 
maximum factor of conservatism was (1/0.49) = 2.04. The median factor of 
conservatism ranged from (1/0.88) =1.14 for elastic response (y = 1.0) to 
(1/0.99) = 1.01 for inelastic response. In other words, at the worst, 
this method of defining the engineering characterization of ground motion 
can range from a 1.3 factor of unconservatism to a 2.0 factor of conserva-
tism with a slight conservative bias on the average. Considering the 
uncertainties in the ground motion, this range of accuracy is very 
tolerable. 
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5.4 GROUND MOTION CHARACTERIZATION FOR NONLINEAR RESPONSE SUMMARY 
In this chapter, inelastic spectra are predicted by the spectral 
averaging approach presented in Chapter 4 for the 11 real earthquake 
ground motion records considered in this study. In addition, inelastic 
Reg. Guide 1.60 spectra have been constructed by the same approach. The 
actual earthquake spectra and the Reg. Guide spectra are utilized to 
establish "effective" acceleration, Ap , for inelastic response as the 
value the Reg. Guide spectrum must be anchored such that 84 percent of 
the actual earthquake inelastic response spectral accelerations between 
1.8 and 10 Hz would lie below the Reg. Guide 1.60 spectrum. It is shown 
in Table 5-2 that the inelastic spectra for all the longer duration 
records studied are reasonably fit by the Reg Guide 1.60 spectra anchored 
to Ap but this is not the case for the 5 shorter duration records. It 
is also shown in this chapter that the rms based definition for 
"effective" acceleration, Ap^j^ as given by Equation 2-15 provides a good 
match with the empirically determined "effective" acceleration, Ap^. 
In Chapter 2 it was demonstrated that an adequate engineering 
characterization for elastic structural response for stiff structures 
(1.8 to 10 Hz) subjected to any of the six real ground motion records 
with Tp > 3.0 seconds is provided by the Reg. Guide 1.60 spectrum anchored 
to an "effective" peak acceleration, Apni as given by Equation 2-15. In 
this chapter, it is demonstrated that this conclusion can be extended to 
inelastic response at least up to ductility levels of 4.3. Similarly, 
the conclusion of Chapter 2 that the elastic Reg. Guide 1.60 spectrum 
does not provide adequate engineering characterization for the 5 shorter 
duration records (Tp ^ 3.0 seconds) for elastic response can also be 
extended to inelastic response. 
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TABLE 5-1 













Olympia, WA., 1949 
N86E) 
Taft, Kern Co., 1952 
(S69E) 
El Centro Array No. 12 
Imperial Valley, 1979, (140) 
PaCOima Dam 
San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando, 1971 (N90E) 
El Centro Array No. 5, 
Imperial Valley, 1979, (140) 
UCSB Go!eta 
Santa Barbara, 1978 (180) 
Gilroy Array No. 2, Coyote Lake, 
1979, (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E 
Gavilan College 
Hoi lister, 1974 (S67W) 
Melendy Ranch Barn, Bear Valley, 
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COMPARISON OF ACTUAL SPECTRAL ACCELERATIONS TO R.G. 1.60 SPECTRAL ACCELERATIONS ANCHORED TO A, 
Earthquake Record 
(Component) 
1 ̂  ' 
1 ̂  
1 ̂  
5 
1 ̂  
1 7 
1 ̂  
1 ̂  
10 
1 ̂  
12 
Olympia, WA., 1949 
(N86E) 
Taft, Kern Co., 1952 
(S69E) 
El Centro Array No. 12 
Imperial Valley, 1979, (140) 
Pacoima Dam 
San Fernando, 1971 (S14W) 
Hollywood Storage PE Lot, 
San Fernando, 1971 (N90E) 
El Centro Array No. 5 
Imperial Valley, 1979, (140) 
UCSB Goleta 
Santa Barbara, 1978 (180) 
Gilroy Array No. 2, Coyote Lake 
1979 (050) 
Cholame Array No. 2, Parkfield 
1966 (N65E) 
Gavilan College 
Hollister, 1974 (S67W) 
Melendy Ranch Barn, Bear Valley 
1 1972 (N29W) 
(SA /SA )* 1 
^a ^1.60 1 















































































































* Ratios of Actual to Reg. Guide 1.60 Spectral Accelerations are reported 
for the frequency range of 1.8 to 10 Hz 
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FIGURE 5-2. INELASTIC REG. GUIDE 1.60 RESPONSE SPECTRA - HIGH DUCTILITY 
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FIGURE 5-3. COMPARISON OF OLYMPIA SPECTRA WITH REG. GUIDE 1.60 SPECTRA 
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FIGURE 5-5. COMPARISON OF EL CENTRO #12 SPECTRA WITH REG. GUIDE 1.60 SPECTRA 
ANCHORED TO "EFFECTIVE" DESIGN ACCELERATION, Ap^ 
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FIGURE 5-6. COMPARISON OF PACOIMA DAM SPECTRA WITH REG. GUIDE 1.60 SPECTRA 
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FIGURE 5-7. COMPARISON OF HOLLYWOOD STORAGE SPECTRA WITH REG. GUIDE 1.60 
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FIGURE 5-8. COMPARISON OF EL CENTRO #5 SPECTRA WITH REG. GUIDE 1.60 SPECTRA 
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FIGURE 5-9. COMPARISON OF GOLETA SPECTRA WITH REG. GUIDE 1.60 SPECTRA 
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FIGURE 5-10. COMPARISON OF COYOTE LAKE, GILROY SPECTRA WITH REG. GUIDE 1.60 
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FIGURE 5-11. COMPARISON OF PARKFIELD, CHOLAME SPECTRA WITH REG. GUIDE 1.60 
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FIGURE 5-12. COMPARISON OF GAVILAN COLLEGE SPECTRA WITH REG. GUIDE 1.60 SPECTRA 
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FIGURE 5-13. COMPARISON OF MELENDY RANCH SPECTRA WITH REG. GUIDE 1.60 
SPECTRA ANCHORED TO "EFFECTIVE" DESIGN ACCELERATION, An 
6. MEASURE OF RELATIVE STRENGTH OF GROUND MOTION RECORDS 
6.1 APPROACH 
One method to define the relative strength of a ground motion 
record is in terms of the resulting maximum structural response. Within 
this study, the maximum structural response is defined in terms of 
ductility levels reached. The study has considered shear wall resistance 
function structures with elastic behavior (y = 1.0), nearly elastic 
behavior (y = 1.85), and a conservative lower bound on the onset of 
significant structural strength degradation (y = 4.27). The relative 
strength of a ground motion record can then be defined by the inelastic 
spectral acceleration, S^^^^^gj, corresponding to an appropriate 
ductility level, y, for a structure with an elastic frequency, f, and 
elastic damping, 6. 
Figures 6-la through 6-ld present the relative strengths of each 
of the 12 records studied as defined by S^^/^ ^j for ductilities of 1.0, 
1.85, and 4.27 for 1% damping and elastic frequencies of 8.54, 5.34, 3.20, 
and 2.14 Hz, respectively. These frequencies are considered representa-
tive of the frequency range from 1.8 to 10 Hz which is typical for stiff, 
nuclear power plant structures. 
Several ground motion relative strength zones are defined on 
Figures 6-la through 6-ld. These zones are defined in terms of the zero 
period ground acceleration (ZPA) for which a plant must be designed to 
remain elastic using the R.G. 1.60 spectrum in order to prevent the 
ductility level from exceeding 4.27 (conservative lower bound for onset 
of significant strength degradation) when subjected to the actual record. 







Requi red Elastic Design ZPA Range (g) 
>0.3 
0.2 - 0.3 
0.1 - 0.2 
<0.1 
In other words, if the plant must be designed to remain elastic for a R.G. 
1.60 spectrum anchored at a ZPA greater than 0.3g in order to prevent the 
ductility from exceeding 4.27 for the actual record, this record is 
considered to be very severe. Similarly, if the elastic design ZPA must 
be between 0.2 and 0.3g to prevent the ductility from exceeding 4.27 for 
the actual record, the record is considered to be severe. For y = 1.0 
and y = 1.85 these zones are defined in terms of a multiple of the 
spectral acceleration at y = 4.27. The following multiples are used: 
^^1.0 = 1-9 Sa4.27 f > 4 Hz 
Sa^ Q = 2.7 Sa4 27 f < 4 Hz 
^^1.85 = 1-^ Sa4.27 f > 4 Hz 
^^1.85 = 1-7 Sa4.27 f < 4 Hz 
These intercepts were selected so as to enable these lesser ductility 
spectral accelerations to be a reasonable prediction of the severity of 
the ground motion at y = 4.27. 
As an example, at a frequency of 8.54 Hz, the Reg. Guide 1.60 
spectral amplification factor is 2.29. Therefore, the intercept between 
the very severe and the severe zones for y = 4.27 at f = 8.54 Hz is 2.29 
times 0.30g = 0.69g. The other intercepts for y = 4.27 and f = 8.54 Hz 
are at 0.46g and 0.23g. These zone intercepts for y = 4.27 are drawn on 
6-2 
Figure 6-la (f = 8.54 Hz). The intercepts for y = 1.0 and y = 1.85 are 
then at 1.9 and 1.4 times, respectively, the corresponding intercept at 
y = 4.27. Thus, the intercept between the very severe and severe zones 
is at 1.31g and 0.97g for y = 1.0 and 1.85, respectively, on Figure 
6-la. A similar approach was used to define these intercepts on the 
figures for other frequencies. 
6.2 RELATIVE STRENGTHS OF GROUND MOTION RECORDS STUDIED 
The Pacoima Dam record represents a wery severe ground motion by 
this definition for structures with elastic frequencies greater than about 
4 Hz. This record represents severe ground motion for structures with 
natural frequencies of about 2.5 to 4 Hz and only moderate ground motion 
for structures with natural frequencies less than about 2.5 Hz. The 
elastic spectral acceleration (y = 1.0) properly describes the relative 
severity of this record for structures with natural frequencies greater 
than about 2.5 Hz but overstates the relative severity of the record for 
structures with natural frequencies less than 2.5 Hz. 
The elastic spectral accelerations (y = 1.0) would lead one to 
believe that the Melendy Ranch and El Centro #5 records would be severe 
to very severe records for structures with natural frequencies from about 
4 to 10 Hz. However, the severity of these records based upon the onset 
of significant strength degradation is seriously overstated by the elastic 
spectral acceleration. Based upon significant strength degradation, both 
records are barely severe records for structures with elastic frequencies 
of about 8.5 Hz. El Centro #5 is only a moderate record for structures 
with natural frequencies from about 2.2 to 8.0 Hz and is a low severity 
record for structures with frequencies below 2.2 Hz despite its high 
elastic spectral acceleration. The severity of Melendy Ranch drops off 
even more rapidly as the structure frequencies are reduced. Melendy Ranch 
is a moderately severe record for structures with natural frequencies of 
5 to 8 Hz and has low severity for structures with natural frequencies 
less than 5 Hz despite its very high elastic spectral acceleration at 
frequencies above 4 Hz. 
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The Parkfield record shows elastic spectral accelerations 
(y = 1.0) of 0.5 to 0.6g for frequencies above about 5 Hz. These 
elastic spectral accelerations increase to about 0.8g at a frequency of 
3.2 Hz and increase to 1.4g at 2.1 Hz. Thus, based upon the elastic 
spectral acceleration, one would judge the Parkfield record to be of 
moderate severity for structures with natural frequencies above about 2.5 
Hz increasing to a severe record for structures with natural frequencies 
less than about 2.5 Hz. The elastic spectral accelerations appear to 
underestimate the relative severity of the Parkfield record for structures 
in the 2.5 to 3.5 Hz range. Based upon the onset of significant strength 
degradation, the Parkfield record represents a severe ground motion for 
structures with natural frequencies of 1.8 to 3.5 Hz. 
El Centro No. 12, Taft, and Gavilan College represent low 
severity ground motions throughout the frequency range from 1.8 to 10 Hz 
whether defined by the elastic spectral acceleration or by the onset of 
significant strength degradation. However, Gavilan College is of partic-
ularly low severity for ductilities associated with the onset of signifi-
cant strength degradation (y = 4.27) and this particularly low severity 
is not fully indicated by the elastic (y = 1.0) spectral accelerations. 
Because of its high frequency content. Coyote Lake is of moderate 
severity for frequencies above about 7.5 Hz. For frequencies between 4.5 
and 7.5 Hz, the elastic (y = 1.0) spectral accelerations would indicate 
moderate severity for Coyote Lake. However, because of its short 
duration, this record has a narrow frequency content and is missing the 
lower frequency content. Thus, based on the onset of significant strength 
degradation, this record has low severity for structures v/ith elastic 
frequencies less than 7.5 Hz despite the high elastic spectral accelera-
tions down to 4.5 Hz. 
Based on the onset of significant strength degradation, Goleta 
represents a moderate severity ground motion for structures throughout 
the frequency range from 1.8 to 10 Hz because of its low frequency content 
(similar to Parkfield in this regard) and moderately high ground accelera-
tion. 
6-4 
For structures with elastic frequencies between about 1.8 and 
3.5 Hz, only Pacoima Dam, Parkfield, El Centro #5, and Goleta represent 
moderate or severe ground motions based upon the onset of significant 
strength degradation. Pacoima Dam and El Centro #5 are in this category 
because of their broad frequency content (at least 0.8 to 6.7 Hz), longer, 
strong durations (greater than 3.0 seconds), and high ground accelerations 
(greater than 0.5g). Goleta and Parkfield are in this category despite 
their shorter durations (3.0 seconds or less) because of their predomi-
nately low frequency content (essentially no frequencies above 3.0 Hz) 
and yet moderately high ground acceleration (at least 0.35g). To obtain 
this high a ground acceleration without frequency content above 3.0 Hz 
requires substantial velocity content in the 1.8 to 3.5 Hz range. 
In summary, from this study only Pacoima Dam is clearly capable 
of causing very severe structural damage (possibly collapse) for struc-
tures with natural frequences greater than 4 Hz that have been designed 
to remain elastic for the R.G. 1.60 spectrum anchored to 0.2g. This 
damage capability is due to the high acceleration (1.17g), longer strong 
duration (6.1 seconds), and broad frequency content (0.75 to 6.7 Hz) 
associated with this record. Even so, this record would be expected to 
result in only severe damage (ductilities slightly greater than 4.3 and 
some significant strength degradation) for structures with frequencies 
between 1.8 and 2.5 Hz when these structures are designed to remain 
elastic for a 0.2g R.G. 1.60 spectrum. 
In addition, Parkfield might result in severe damage (ductilities 
slightly greater than 4.3 but no collapse) for such structures with elas-
tic frequencies from 2.0 to 4.0 Hz because of its low frequency content 
(approximately 1.0 to 3.0 Hz) and high acceleration (0.5g). Similarly, 
El Centro #5 and Melendy Ranch might result in severe damage to similarly 
designed structures with frequency content above 7.5 Hz because of their 
high ground acceleration (0.5g) and higher frequency content (up to at 
least 7 Hz). None of the other records are capable of resulting in more 
than moderate damage (ductilities less than 4.3) for a 0.2g R.G. 1.60 
designed structure. 
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Basically, this study indicates that 0.5g short duration records 
such as Parkfield and Melendy Ranch are capable of causing severe damage 
(short of collapse) to 0.2g designed structures within a narrow frequency 
range from about 1.8 f̂ ^ to 1.3 fy where fg is the frequency at which 
the spectral acceleration peaks and f^ is the frequency at which the 
spectral velocity peaks (see Table 2-5 for these frequencies). Outside 
this narrow frequency range which lies on the stiff side of the peak 
elastic spectral responses, these short duration records should not result 
in severe damage despite their ground accelerations being 2.5 times the 
elastic design acceleration. 
Even the above may overestimate the damage capability of these 
high acceleration ground motions. This phase of this study has not 
considered the reduced structural responses which might result from 
soil-structure interaction, wave passage effects and wave scattering 
effects. Secondly, in this study, damage is defined in terms of the 
maximum ductility factor rather than total hysteretic energy absorption. 
The ductility descriptor of damage results in less benefit of short 
duration than would a hysteretic energy descriptor of damage. Thirdly, 
only single-degree-of-freedom structural response is considered in the 
measures of relative strength presented herein which tends to overestimate 
the damage capability of narrow frequency content records as compared to 
broad frequency content records capable of exciting multiple frequencies 
simultaneously in multi-degree-of-freedom structures. Lastly, potential 
overcapacity of the structure has been ignored. Generally, a structure 
has greater capacity than indicated by the minimum design requirements. 
6.3 RELATIVE STRENGTH SUMMARY 
If a structure of elastic frequency, f, and elastic damping, e, 
is designed to be at the onset of yielding for spectral acceleration 
S^ (f.3) which is the inelastic spectral acceleration for any ground 
ay 
motion considered, then the structure will respond to ductility level, y, 
when subjected to that ground motion record. Thus, comparing S^ (f,3) 
ay 
for the various ground motion records considered in this study provides a 
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measure of the relative strength of the records. A ground motion record 
with a large S^ (f,6) requires the structure to be designed at a large 
ay 
yield level to limit response to a given ductility and is more severe 
than a record with a small S^ (f,6) which requires the structure to be 
designed at a small yield level to limit response to the same ductility 
level. In this chapter, the inelastic spectral acceleration values are 
compared for the 12 ground motion records considered in this study at 3 
ductility levels (y = 1.0, 1.85 and 4.27) at 4 frequencies (f = 8.54, 
5.34, 3.20 and 2.14 Hz and one damping value (6 = 7 percent)). 
Relative strength zones (i.e., very severe, severe, moderate and 
low strengths) are defined in terms of the acceleration level for which a 
structure must be designed to remain elastic using the Reg. Guide 1.60 
spectrum in order to prevent seismic response exceeding ductility levels 
of 4.27 when subjected to the actual earthquake ground motion. Similar 
relative strength zones for y = 1.85 and 1.0 are obtained by scaling the 
zone levels for y = 4.27. The inelastic spectral accelerations and 
relative strength zones are presented in Figures 6-la through 6-ld for 
the 4 frequencies considered. 
Based upon the data presented in Figures 6-la through 6-ld, it 
is concluded that only the Pacoima Dam record is a very severe ground 
motion in terms of potential damage for structures with frequencies 
greater than 4 Hz. At below 4 Hz, this record is a severe ground motion 
at about 3 Hz and a moderate ground motion at about 2 Hz. At 8.5 Hz, the 
Melendy Ranch and El Centro #5 records are in the severe category. At 
below 4 Hz, the Parkfield record is within the severe category. All 
other ground motion records fall in the low or moderate categories at all 
frequencies. Note that reasons are outlined in this chapter as to why 
the damage capability of high acceleration, short duration earthquakes 
such as Melendy Ranch and Parkfield may be overstated by the methods used 
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FIGURE 6-lc. MEASURE OF RELATIVE STRENGTH OF GROUND MOTION RECORDS AS DEFINED BY S 
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7. CONCLUSIONS 
Many conclusions are reached in the individual sections as data 
are presented. Only the more significant conclusions will be summarized 
here. 
7.1 ENGINEERING CHARACTERIZATION OF GROUND MOTION 
The 11 real earthquake ground motion time histories studied 
(listed in Table 2-1) can be divided into two groups. Group 1 consists 
of the 6 longer duration records (Taft, Olympia, El Centro #12, El Centro 
#5, Pacoima Dam, and Hollywood Storage) while Group 2 consists of the 5 
shorter duration records (Coyote Lake, Parkfield Cholame #2, Gavilan 
College, Goleta, and Melendy Ranch). Both elastic and inelastic struc-
tural response of stiff structures (1.8 to 10 Hz) subjected to the Group 
1 records can be adequately approximated by the use of the Reg. Guide 
1.60 spectrum anchored to an "effective" peak acceleration. In fact, it 
is shown in Section 2.3 that for elastic response between 1.8 and 10 Hz, 
the maximum ratio of actual spectral acceleration to Reg. Guide 1.60 
spectral acceleration (SA^/SA^ gg) ranges from 1.29 to 1.05 with a 
median maximum ratio of 1.20 for the six records studied. In other 
words, the Reg. Guide 1.60 spectrum anchored to an "effective" peak 
acceleration never introduces more than a factor of 1.29 unconservatism. 
The median ratio ranges from 1.05 to 0.83 with a median median of 0.88, 
or a factor of (1/0.88) =1.14 conservatism. The minimum ratio ranges 
from 0.76 to 0.49 with a median minimum of 0.59. Thus, the Reg. Guide 
1.60 spectrum anchored to an "effective" peak acceleration never intro-
duces more than a factor of (1/0.49) = 2.04 conservatism for these six 
records. Section 5.3 shows similar results for inelastic response out to 
ductility ratio of 4.3 (the highest ratio studied). The maximum factor 
of unconservatism never exceeded 1.32 for ductilities from 1.0 to 4.3 and 
elastic frequencies from 1.8 to 10 Hz. Within this same range, the factor 
of conservatism never exceeded 2.04 and the median factor of conservatism 
7-1 
ranged from 1.14 for elastic response (y = 1.0) to 1.01 for inelastic 
response (y = 1.8 to 4.3). Considering the uncertainties in the ground 
motion, this performance is excellent. 
In other words, an adequate engineering characterization for both 
elastic and inelastic structural response for stiff structures (1.8 to 10 
Hz) subjected to any of the 6 longer duration (Group 1) records is 
provided by the Reg. Guide 1.60 spectrum anchored to an "effective" peak 
acceleration. It is shown in both Section 2.3 (elastic response) and 5.3 
(inelastic response) that this "effective" peak acceleration, Apci, can 
be defined as an rms-based acceleration given by Equation 2-15. It can 
be seen from Equation 2-15 that the "effective" acceleration increases 
with increasing strong motion duration, TQ, and increasing mean (central) 
frequency, n'. In addition, the rms acceleration, â .̂ ,̂ used to define 
'̂ DEl ^̂  heavily influenced by the method used to define the strong 
motion duration, Tp (see Section 1.1.1 for a further discussion). 
Thus, to establish an "effective" acceleration, one must define a method 
to quantify Tp and one must define a central frequency, Q'. The 
central frequencies computed for each of the 11 real records and for an 
artificial Reg. Guide 1.60 time history are given in Table 2-6. The 
central frequency for the six Group 1 (longer duration) records plus the 
artificial record ranges from 3.6 to 4.7 Hz. For all of these records, 
this central frequency can be approximated as 4.0 Hz without introducing 
more than a 6% error in the computed "effective" peak acceleration. 
Section 2.1 recommends that the strong motion duration, Tp, 
for stiff structures be computed from Equations 2-2 and 2-3 using cumula-
tive energy plots (Figure 2-3). It is shown that this duration corres-
ponds to the time of steepest slope (i.e., greatest power and greatest 
RMS acceleration) from these energy plots. It is also shown that Tp 
correlates well with the longest time to reach maximum structural response 
(both for elastic and inelastic response) for stiff structures (1.8 to 10 
Hz). The strong motion durations, Tp, given by Equations 2-2 and 2-3 
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are tabulated in Table 2-3 for the 11 real and one artificial record 
studied. It should be noted that Equations 2-2 and 2-3 often lead to 
much shorter estimates of strong duration than do other commonly used 
methods. However, it is recommended that the short durations given by 
Equations 2-2 and 2-3 correlate better with the longest time of maximum 
response for stiff structures and with the duration of maximum rms accel-
eration. The strong duration for the six Group 1 records range from 15.6 
seconds (Olympia) to 3.4 seconds (El Centro #5). The strong duration for 
the five Group 2 records range from 3.0 seconds (Goleta) to 0.8 seconds 
(Melendy Ranch). Increasing strong duration from 3.4 seconds to 15.6 
seconds increases the "effective" peak acceleration by a factor of 1.50 
given identical rms accelerations. Therefore, strong duration has a 
moderately significant influence on the "effective" peak acceleration and 
must be reasonably approximated. 
The previous conclusion that the Reg. Guide 1.60 spectrum 
anchored to an "effective" acceleration provides an adequate characteriza-
tion of both elastic and inelastic structural response for stiff struc-
tures (1.8 to 10 Hz) is not applicable to the five Group 2 records. 
Neither elastic nor inelastic response from any of these five records can 
be adequately approximated by the Reg. Guide 1.60 spectrum or by any 
other broad frequency content spectrum. Thus, one must define the 
distinguishing differences between the Group 1 and Group 2 records. The 
most obvious differences are: 
1. Strong duration, Tp. All the Group 1 records have strong 
durations of 3.4 seconds and greater while all the Group 2 
records have durations of 3.0 seconds and less. 
2. Local magnitude. M L . All the Group 1 records are from 
earthquakes with local magnitudes of 6.4 and greater while 
all the Group 2 records are from earthquakes with local 
magnitudes of 5.7 and less. 
However, these differences do not appear to be the primary 
reason why the Reg. Guide 1.60 spectrum is inadequate for predicting the 
response of stiff structures. The primary reason is related to differ-
7-3 
ences in the breadth of the range of frequency content. This breadth of 
the range of frequency content can be defined by the frequency range from 
f^O to fgo where 10% of the cumulative power lies at frequencies below 
f]̂ 0 and 90% of the cumulative power lies at frequencies below fgQ. 
Thus, the frequency range from f^Q to fgo contains the central 80% of 
the cumulative power of the strong motion portion (Tp duration) of the 
record. Table 2-6 defines the frequency range from f̂ Q̂ to fgo for 
the 11 real records and one artificial record studied. The six Group 1 
records for which the Reg. Guide 1.60 spectrum provides an adequate 
engineering characterization from 1.8 to 10 Hz all have frequency bands 
(f]̂ 0 t° fgo) ^^^'"^ *̂ least 1.2 to 5.5 Hz. None of the five Group 2 
records for which the Reg. Guide 1.60 spectrimi does not provide an 
adequate engineering characterization cover the entire frequency band 
from 1.2 to 5.5 Hz. Coyote Lake, Gavilan College, and Melendy Ranch are 
missing frequency content below about 3 Hz. Goleta and Parkfield-Cholame 
#2 are missing frequency content above about 3 Hz. This missing frequency 
content and resultant narrow-banded response spectra has a strong in-
fluence on both elastic and inelastic structural response even for these 
stiff structures. 
The conclusion is that the Reg. Guide 1.60 spectrum or other 
broad frequency content spectra anchored to an "effective" acceleration 
should only be used even for stiff structures (1.8 to 10 Hz) to charac-
terize ground motion records which contain significant power between at 
least 1.2 to 5.5 Hz as defined by the range from f^Q to fgn. Records 
which do not contain significant power throughout this frequency range 
should be characterized by narrower frequency design spectra. 
The standard practice of averaging a number of real records 
together irrespective of their relative frequency content to produce a 
design spectrum will always lead to a broad frequency content design 
spectrum even when all the individual records are narrow banded. For 
instance, averaging the five Group 2 spectra will lead to an average 
spectrum which contains frequency content from at least 1.3 to 7 Hz. 
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Such a spectrum will be narrower than the Reg. Guide 1.60 spectrum which 
contains frequency content from 0.6 to 6.4 Hz, but for stiff structures 
(1.8 to 10 Hz) the differences will be mino^-. These differences would 
only be significant for structures with frequencies less than 1.8 Hz. 
Thus, a design spectrum obtained by averaging the five Group 2 spectra 
would not provide an adequate engineering characterization for either 
elastic or inelastic response of stiff structures subjected to any one of 
these five records. The only adequate way to characterize these records 
is by a narrow-banded design spectrum obtained by averaging records with 
similar central frequencies, '̂, and frequency bands, fng to fgn. For 
instance, Parkfield Cholame #2 and Goleta can be averaged to obtain a 
narrow-banded, low-frequency spectrum representative of either record. 
Possibly, Melendy Ranch, Gavilan College, and Coyote Lake could be 
averaged to obtain a representative high frequency spectrum. Uncertain-
ties in central frequency, fi', should be covered by shifting the central 
frequency of a narrow-banded design spectrum throughout the range of 
uncertainty and not by the use of a broad frequency content design 
spectrum for stiff structures subjected to Group 2 type records. 
A strong correlation appears to exist between local magnitude 
and strong duration, Tp, for records with instrumental accelerations, a, 
of 0.14g and greater. Records with M̂_ of 5.7 and less and values of a 
of O.Hgand greater all had Tp of 3.0 seconds and less. Conversely, 
the records with M|_ of 6.4 and greater all had Tp greater than 3.0 
seconds. It appears that earthquakes with M, less than about 6.0 may 
not have sufficient energy content to be capable of producing both high 
accelerations (greater than 0.14g) and longer durations (Tp > 3.0 
seconds). Secondly, a strong correlation exists between Tp and the 
breadth of the frequency band of significant power. None of the records 
with Tp < 3.0 seconds had significant power throughout the frequency 
range from 1.2 to 5.5 Hz while all of the records with Tp > 3.0 seconds 
contained power throughout this frequency range. A tentative conclusion 
would be that the design response spectrum for earthquakes with M|_ < 6.0 
and ground accelerations of 0.14g and greater should be a narrow-banded 
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spectrum obtained by averaging only records with similar central 
frequencies, f̂ ', and similar frequency bands, f̂ Q̂ to fgn. This 
conclusion would have wide ranging effects since the SSE design earth-
quake for nuclear plants east of the Rocky Mountains would generally 
correspond to these conditions. The conclusion is only tentative because 
not enough records were studied. 
7.2 PREDICTION OF INELASTIC SPECTRAL DEAMPLIFI CATION FACTORS AND 
INELASTIC RESPONSE SPECTRA 
A representative nonlinear lateral force-deformation resistance 
function for shear wall type structures was presented in Chapter 3. In 
each analysis, the yield capacity of this model was set equal to the 
capacity associated with the elastic spectral acceleration at the 
structure's elastic natural frequency for each earthquake record. Thus, 
the structure was at the onset of yielding (ductility, y, of unity) when 
subjected to the ground motion record. Next, a series of nonlinear time 
history analyses were performed in which the record time history had 
amplitudes scaled up by an input scale factor, F. For a given F, the 
maximum resultant ductility, y, was determined. By this means, the input 
scale factors, F, corresponding to a low ductility (v. = 1.85) and a 
high ductility (y^ = 4.27) were determined. Table 4-1 presents these 
input scale factors for the 12 records studied at four natural 
frequencies between 1.8 and 10 Hz. The low ductility is intended to 
correspond to minor inelastic behavior while the high ductility 
corresponds to a conservative estimate of the onset of significant 
strength degradation. 
It should be noted that these input scale factors, F, are equal 
to the inelastic spectral deamplification factor by which the elastic 
spectral acceleration must be divided to obtain an inelastic spectral 
acceleration. If the structure were designed to have a yield capacity 
corresponding to this inelastic spectral acceleration at the elastic 
natural frequency, then the structure would undergo a ductility, y, when 
subjected to the actual recorded time history. As illustrated in Figure 
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3-4, a shear wall elastically designed to ACI-349 code ultimate capac-
ities for static lateral loads is permitted some inelastic deformation. 
Input scale factors or inelastic spectral deamplification factors are 
based on the yield capacity which is less than the code ultimate capacity. 
It was found that these input scale factors (inelastic spectral 
deamplification factors) were not constant for a given ductility factor, v. 
The F factors were heavily influenced by the ratio of spectral accelera-
tions on the soft (lower frequency) side of the elastic frequency to the 
spectral accelerations at the elastic frequency. When the spectral accel-
erations on the lower frequency side were much less than the spectral 
acceleration at the elastic frequency, F was high. Conversely, when these 
lower frequency spectral accelerations were much higher than the elastic 
frequency spectral accelerations, F was low. This effect can be con-
sidered to be either a spectral averaging effect or can be considered to 
be an effective frequency shift to lower frequencies. For simplicity, it 
will be called a spectral averaging effect. This effect is discussed in 
more detail in Section 4.1.3. 
This spectral averaging effect was by far the most substantial 
factor influencing the computed F factors. For the broad frequency 
content Group 1 records {Jj^ > 3.0 seconds), the F factors were fairly 
uniform and showed a gradual increase as frequencies were reduced. On 
the other hand, the F factors for the narrow frequency Group 2 records 
(TQ < 3.0 seconds) were far from uniform. Thus, for the short duration 
records, the F factor could be either very large or could be low depending 
upon where the structure's elastic frequency lay relative to the frequency 
of maximum spectral acceleration. Except within a narrow frequency band, 
the F factors for these short duration records are greater than for the 
longer duration records. However, within this narrow frequency band, the 
F factors for the short duration records are about equal to or may be 
slightly less than those for the longer duration records. Figure 4-1 
shows this increase in scatter for F as TA is reduced. 
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In addition to the spectral averaging effect, a smaller duration 
effect was also noted. The predominant duration effect is accounted for 
by the spectral averaging. The lesser duration effect is related to the 
number of strong nonlinear response cycles. It is clear that the number 
of strong nonlinear response cycles inceases with duration and ranges 
from 1 for Melendy Ranch (Tp =0.8 seconds) to 4 for Olympia (Tp = 
15.6 seconds). Other than for Olympia and Melendy Ranch, the records 
generally showed 2 or 3 strong nonlinear response cycles. In every case, 
the total number of strong nonlinear response cycles was low (4 or less). 
On the average, the duration effect on the F factors was small once the 
spectral averaging effect was accounted for. 
One effect of increasing the number of strong nonlinear response 
cycles from 1 to 4 was to reduce the effective structural natural fre-
quency toward the secant frequency and away from the elastic frequency. 
With one strong nonlinear cycle, the effective frequency lay about midway 
between the secant and the elastic frequencies. With more nonlinear 
response cycles, the effective frequency more closely approached the 
secant frequency. However, the effective frequency was never as low as 
the secant frequency. A second effect was to reduce the effective damping 
percentage with increasing numbers of nonlinear cycles for the shear wall 
resistance functions. The technical basis for this reduced damping is 
described in Appendix C. Both the frequency shift and effective damping 
reduction were most noticeable when increasing the number of strong 
nonlinear cycles from 1 to 2. These effects were much smaller when 
increasing the number of strong nonlinear cycles from 2 to 4 (see Table 
4-3). Thus, within about 10% accuracy on the predicted F factor, one 
could assume 3 strong nonlinear response cycles when evaluating the 
effective frequency and effective damping except when Tp is less than 
one second in which case, one should assume 1 strong nonlinear response 
cycle. Therefore, other than for the spectral averaging effect, it is 
really only necessary to estimate whether Tp is greater or less than 
one second for predicting the inelastic spectral deamplification factor, 
F^. The effect of Tp and the number of strong nonlinear response 
cycles, N, on the F factor is shown for the Reg. Guide 1.60 spectrum in 
Figures 5-1 and 5-2. 
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It was found that the inelastic structural response of single-
degree-of-freedom structural models, the inelastic spectral deamplifica-
tion factor (F ) , and the inelastic spectral acceleration (Sg^) could all 
be accurately predicted from characteristics of the moderately damped (7 
to 15% damping) elastic response spectrum and an approximate knowledge of 
Tp. Either of two methods could be used. 
1. The nonlinear resistance function model can be replaced by 
an equivalent linear resistance function with a lesser 
effective frequency (lesser effective stiffness) and 
increased effective damping than the elastic frequency 
(elastic stiffness) and elastic damping. This equivalent 
linear model is then used with the elastic response 
spectrum to compute maximum displacement responses, 
2. The elastic response spectrum is reduced to obtain an 
inelastic response spectrum for use with the elastic 
frequency and damping in order to compute the yield 
displacement, *y, and required yield capacity, Vy, needed 
to hold the structure to a ductility, y. At a given 
frequency and damping value, the inelastic spectral accel-
eration is given by: 
Sjf,3) 
Say(f'^) = ^ (7-1) 
y 
where F^ is the predicted inelastic spectral deamplification 
factor. 
In the first method, and effective frequency, f' and an 
effective damping ratio, 3^, must be estimated. It is recommended that 
Equations 3-8 and 4-2 be used together with coefficients from Table 4-2 
to make these estimates. This effective frequency and effective damping 
estimate can also be used together with the elastic response spectra to 
predict F by Equation 3-14 for use in the second method. This approach 
for predicting F is called a point estimate approach since it is based 
upon a single point estimate of fg, and Bg. When this point esti-
mate approach is used to predict F^, the first and second approximate 
nonlinear analysis methods described above produce identical results. 
Therefore, further comparisons can be made based upon the accuracy with 
which F is predicted compared to the time history computed F factors. 
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It was found that the recommended point estimate approach (based 
on an estimated f^ and 3g) provided an excellent estimate of F̂ .̂ The 
ratio of predicted to time history computed scale factors (F /F) are shown 
in Table 4-4 to have mean values of 0.98 and 1.02 and coefficients of 
variations (COV) of only 0.12 and 0.09 for ductility levels of u^ = 4.27 
and \i^ = 1.85, respectively. At the worst extremes, the ratio F^/F 
ranged from 0.75 to 1.29 for y^ and from 0.85 to 1.26 for \ . 
Other methods also exist for predicting an effective frequency 
fg, and an effective damping ratio, 3g. Two common methods defined 
as the Sozen method and the Iwan method are described in Section 3.3.1. 
These methods were not developed for shear wall type resistance functions 
but were used in this study for comparison with the recommended method 
for predicting an effective frequency and an effective damping. Table 4-3 
compares the effective frequencies and effective damping percentages 
predicted by the three methods. One should note that the Sozen method 
predicts lower effective frequencies while the Iwan method predicts 
higher effective frequencies than does the recommended method. In other 
words, the Sozen method softens the structure more while the Iwan method 
softens the structure less than the method recommended by this study. 
Both the Sozen and the Iwan methods predict substantially higher effective 
damping percentages than the method recommended by this study for shear 
wall resistance functions. The reasons for this difference are given in 
Section 4.3. Tables 4-5 and 4-6 compare the predicted to computed scale 
factors (F /F) when the effective frequencies and effective damping are 
computed by the Sozen and Iwan methods, respectively. The Sozen method 
introduces a slight conservative bias while the Iwan method introduces a 
significant unconservative bias for the mean ratios. Both methods result 
in substantially higher COV than the recommended method. The conclusion 
is that the recommended procedure provides a better estimate of the 
effective frequency and effective damping for shear wall type structures 
than does either the Sozen or Iwan methods. 
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It was judged that a spectral averaging approach should provide 
a better estimate of F than the best point estimate approach. Spectral 
averaging smooths out local peaks and valleys in the response spectrum 
and is expected to be more stable. Therefore, a number of spectral 
averaging approaches to estimate F were also investigated. A simple 
approach given by Equations 4-3 through 4-7 together with Table 4-2 is 
recommended. This approach averages the spectral accelerations between 
f̂ j and the secant frequency, f^, where f^ lies between the elastic and 
secant frequencies as shown in Table 4-7. The ratios of predicted to 
computed scale factors (F /F) as obtained by this spectral averaging 
approach are shown in Table 4-8. One should note that the spectral 
averaging approach provides only marginal improvement over the recom-
mended point estimate approach (Table 4-4). It is not clear that this 
marginal improvement is worth the considerable increase in computational 
effort required. However, if the elastic response spectrum contains 
significant local peaks and valleys at about 10% damping, the spectral 
averaging approach would be expected to provide some improvement over the 
point estimate approach. The data indicates that the spectral averaging 
approach does reduce the maximum factor of unconservatism (maximum ratio 
of F /F). This maximum ratio of F /F is 1.29 for the point estimate 
y y ^ 
approach and only 1.19 for the spectral averaging approach at yj, = 4.27, 
and is lowered from 1.26 to 1.14 for y. = I.35. 
Other commonly used approaches for estimating F^ are the Newmark 
method and the Riddell method described in Section 3.3.2. These methods 
give similar results for F with the Riddell method being a slight 
improvement over the Newmark method. Table 4-9 shows the predicted to 
computed scale factors (F /F) when the Riddell method is used. One should 
note that for the shear wall resistance function model used in this study, 
the Riddell method introduces a slight factor of unconservatism on the 
average. Furthermore, the COVs range from 140% to 200% larger than those 
obtained for the spectral averaging approach recommended in this study 
(Table 4-8). For y^ = 4.27, the extreme range of (F /F) ranges from 
0.43 to 1.78 for the Riddell approach as compared to a range of 0.75 to 
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1.19 for the recommended spectral averaging method. At y|_ = 1.85, the 
extreme range for the Riddell method is not as severe but still ranges 
from 0.88 to 1.47 as compared to 0.85 to 1.14 for the recommended spectral 
averaging method. 
It is concluded that either the point estimate approach or the 
spectral averaging approach recommended in this study provide excellent 
predictions for F out to ductilities of at least 4.3. Either approach 
provides significantly more accurate estimates for F^ than do other 
commonly used approaches for shear wall type resistance functions. It 
should be noted that F factors presented in this report are not intended 
to be specifically used for the design of facilities. These factors have 
been evaluated on the basis of a limited number of ground motion records 
and at a limited number of structural frequencies and ductility levels. 
Instead, the purpose of this work is to present the methodology by which 
inelastic spectral deamplification factors may be developed such that 
permissible levels of inelastic deformation may be incorporated into 
designs using simplified elastic analytical techniques. 
Although this study was predominantly concerned with shear wall 
resistance functions, other inelastic resistance functions and the 
influence of various parameter variations were also studied and the 
results are summarized in Appendix D. The basic conclusion of these 
parameter variation studies was that the approaches recommended in this 
study can be conservatively used for braced-frames and other structural 
or equipment systems so long as these systems do not have resistance-
deformation functions which show greater stiffness degradation and 
pinching behavior than that used in this study for shear walls. The 
authors do not know of any other structural system used in nuclear power 
plants which would have more severe stiffness degradation or pinching 
behavior and so they generally believe that the recommended approaches 
from this study could be conservatively applied to all structural and 
equipment systems in a nuclear power plant. Some other conclusions of 
these parametric studies are: 
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1. Equation 4-6 can be used to estimate the average effective 
damping equally well for an elastic damping of 3% as for an 
elastic damping of 1%. The prediction procedure works 
equally well at 3% elastic damping as at 7% elastic damping. 
2. The frequency shift and hysteretic damping coefficient, Cp 
and Cfj, in Table 4-2 were developed for a shear wall 
resistance function model. Use of these coefficients will 
introduce only a slight conservatism for the Takeda model. 
The shear wall model overestimates the stiffness degradation 
and pinching behavior for braced-frame and bilinear resist-
ance function models. Therefore, these coefficients over-
emphasize the importance of N and T[) for such models. 
The input scale factor (inelastic spectral deamplification 
factor) for the braced-frame and bilinear resistance 
function models studied in Appendix D lay midway between 
the scale factors predicted using the Cp and Cfj given 
in Table 4-2 for the appropriate T Q and the scale factor 
predicted using Cp = 1.5 and Cfj = 0.30 which are given 
for N=l. Averaging the results obtained from the use of 
these two different sets of Cp and CM values will 
improve the prediction accuracy for braced-frame and 
bilinear models when T Q is greater than 1.0 seconds and 
thus will reduce the conservatism introduced by the 
recommended approach for these models. 
Figures 5-3 through 5-13 present the inelastic spectra predicted 
within the frequency range from 1.0 to 10.0 Hz for the 11 real time 
histories included in this study using the spectral averaging prediction 
methods of Chapter 4 and ductilities of 1.85 and 4.27. Several points 
should be noted from these figures: 
1. The peak inelastic spectral accelerations always occur at 
frequencies higher than those at which the peak elastic 
spectral accelerations occur. This situation occurs 
because inelastic response of these higher frequency 
structures shifts the effective frequency downward into the 
range of peak elastic response. 
2. The inelastic deamplification factors associated with 
frequencies equal to or less than that at which the elastic 
spectrum peaks are much greater than those for higher 
frequencies. 
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These points are most dramatically illustrated by the Parkfield-
Cholame Array #2 spectra (Figure 5-11). The elastic spectral amplifica-
tions are very high from 1.2 to 3.0 Hz and drop off very rapidly at both 
higher and lower frequencies. The largest inelastic deamplification 
factors are associated with elastic frequencies less than 3.0 Hz since 
inelastic response will shift these frequencies lower and markedly reduce 
response. Structures with frequencies of 3.0 Hz and less could be 
designed to yield at spectral accelerations much less than those indicated 
by the elastic spectra for Parkfield without severe damage. However, for 
the Parkfield record, one must be very careful not to reduce the elastic 
spectral accelerations for structures in about the 3.5 to 5.0 Hz range. 
These structures should be designed to remain elastic for the Parkfield 
record. Inelastic response of such structures will shift their effective 
frequencies into the frequency range (1.2 to 3.0 Hz) within which the 
power of the input is predominantly concentrated. For such structures, 
inelastic responses would rapidly increase because of this frequency 
shift. For records with narrow frequency content, such as Parkfield, one 
should be very careful about taking any credit for inelastic response for 
structures which lie slightly to the stiff side of the predominant 
frequency range of the record. On the other hand, for even stiffer 
structures (elastic frequencies greater than 5.0 Hz) the inelastic 
deamplification factors are again significant although not as large as 
for structures with frequencies below 3.0 Hz. 
This study is concerned with the inelastic response of 
structural systems (braced frames and shear walls) and the concept of 
"effective" spectral response is considered valid for such systems. The 
results of this study can also probably be extrapolated to ductile 
passive equipment whose fragility is governed by structural failure 
modes. However, the study is probably not appropriate for active 
equipment. 
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This study was conducted using single-degree-of-freedom (SDOF) 
structural models. I t is believed that the results should also be appli-
cable for multi-degree-of-freedom (MDOF) models. However, when used with 
MDOF models, one must keep in mind these results are to be used with a 
system duc t i l i t y . In the case of localized nonlinear behavior, the story 
d r i f t duc t i l i t y is often about twice the system duc t i l i t y and element 
duc t i l i t y w i l l exceed story d r i f t duc t i l i t y . Thus, i f one needs a 
specific control on either element or story d r i f t duc t i l i t y , the system 
duc t i l i t y must be held to lesser l im i ts . This topic w i l l be discussed 
further in a follow-on study which extends the SDOF results to MDOF 
models. 
7.3 MEASURE OF RELATIVE STRENGTH OF GROUND MOTION RECORDS 
I f a structure of elastic frequency, f , and elastic damping, S, 
is designed to be at the onset of yielding for spectral acceleration 
Sg (f ,3) which is the inelast ic spectral acceleration for any ground 
motion considered, then the structure w i l l respond to duc t i l i t y level , y, 
when subjected to that ground motion record. Thus, comparing Sg^ (f,P) 
for the various ground motion records considered in this study provides a 
measure of the relat ive strength of the records. A ground motion record 
with a large S^^ ( f ,3) requires the structure to be designed at a large 
yield level to l imi t response to a given duc t i l i t y and is more severe 
than a record with a small S^^ (f,S) which requires the structure to be 
designed at a small y ield level to l imi t response to the same duc t i l i t y 
level . In Chapter 6, the inelastic spectral acceleration values are 
compared for the 12 ground motion records considered in this study at 3 
duc t i l i t y levels (y = 1.0, 1.S5 and 4.27) at 4 frequencies (f = 8.54, 
5.34, 3.20 and 2.14 Hz and one damping value ( 3 = 7 percent)). 
Relative strength zones ( i . e . , very severe, severe, moderate and 
low strengths) are defined in terms of the acceleration level for which a 
structure must be designed to remain elastic using the Reg. Guide 1.60 
spectrum in order to prevent seismic response exceeding duc t i l i t y levels 
of 4.27 when subjected to the actual earthquake ground motion. Similar 
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relative strength zones for y = 1.85 and 1.0 are obtained by scaling the 
zone levels for y = 4.27. The inelastic spectral accelerations and 
relative strength zones are presented in Figures 6-la through 6-ld for 
the 4 frequencies considered. 
Based upon the data presented in Figures 6-la through 6-ld, it 
is concluded that only the Pacoima Dam record is a very severe ground 
motion in terms of potential damage for structures with frequencies 
greater than 4 Hz. At below 4 Hz, this record is a severe ground motion 
at about 3 Hz and a moderate ground motion at about 2 Hz. At 8.5 Hz, the 
Melendy Ranch and El Centro #5 records are in the severe category. At 
below 4 Hz, the Parkfield record is within the severe category. All 
other ground motion records fall in the low or moderate categories at all 
frequencies. Note that reasons are outlined in Chapter 6 as to why the 
damage capability of high acceleration, short duration earthquakes such 
as Melendy Ranch and Parkfield may be overstated by the methods used to 
assess relative strengths of the ground motion. 
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APPENDIX A 
LITERATURE REVIEW: EARTHQUAKE STRUCTURAL DAMAGE 
Seismic design criteria for nuclear power plants are normally 
expressed in the form of elastic response spectra anchored to an instru-
mental peak acceleration or some "reference acceleration for seismic 
design" coupled with an elastic structural analysis. Numerous studies 
have suggested that the predicted performance (i.e., damage or lack of 
damage) of structures obtained using such design spectra anchored to 
instrumental peak ground motion and elastic analysis does not correlate 
well with the observed performance of real structures. Namely, the 
analyses generally overestimate earthquake force levels and thus predict 
that damage would be more severe than is actually observed. One such 
investigation has been performed as part of this study for the El Centro 
Steam Plant subjected to the 1979 Imperial Valley earthquake. The 
results of the steam plant evaluation are reported in Appendix E. These 
studies indicate that in order to better correlate both design conditions 
and predicted structural response with the actual observed performance 
(i.e., damage or lack of damage) of structures, design parameters must 
not only reflect peak acceleration and the frequency characteristics of 
the earthquake motion, but also must consider factors such as duration of 
strong motion, the number of peak cycles, etc., as well as the energy 
absorption capacity of the structures and soil-structure interaction 
effects. It has also been suggested that the problem is further compli-
cated when dealing with near-source ground motions due to low-to-moderate 
magnitude earthquakes whose motions are characterized by very high peak 
accelerations, and short duration of strong shaking. 
The purpose of this task was to conduct a literature review of 
available data and document the performance of real structures subjected 
to strong ground shaking from past earthquakes. The primary objective was 
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to use the assembled information to judge how well the predicted struc-
tural performance, based on design motions such as those currently defined 
for nuclear power plants (namely, design motions based on elastic spectra 
anchored to peak acceleration from recorded motions coupled to an elastic 
response analysis) correlates with the actual observed behavior of real 
structures in past earthquakes. A second objective was to identify, from 
the cases reviewed, ground motion and structural characteristics that 
strongly influenced the actual observed response behavior of the 
structure. 
A.l SCOPE 
There are many papers describing damage to structures resulting 
from earthquakes. By far, most of these papers focus on architectural 
and cosmetic damage. There are only a limited number that discuss 
performance (i.e., structural damage or lack of structural damage) where 
the level of ground shaking is known. This review focuses on such papers 
as much as possible. The review concentrates on the performance of 
structures subjected to near-source, strong ground motions from low-to-
moderate size earthquakes. It also emphasizes the structural performance 
of those structures located in close proximity to recorded motion. For 
completeness and comparisons sake, the review includes data from larger-
size earthquakes and for structures located at more distant ranges. In 
all cases, structures which had dynamic response characteristics similar 
to those of nuclear power plant structures were sought. 
The review addresses and documents in detail the performance of 
a wide variety of structure-types subjected to strong motion from ten 
different earthquakes. The damage noted in 18 additional earthquakes is 
addressed in brief. Table A-1 lists all of the earthquakes reviewed and 
structure-types reported. Table A-2 provides additional details on these 
earthquakes and distance to pertinent structures. The earthquakes cover 
a wide Richter magnitude range, 2.7 to 8.3. The majority fall in the low-
to-moderate range of 4.5 to 6.5. Essentially, all structures discussed 
are located near-source and thus, were subjected to high accelerations. 
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The performance of a wide range of structure-types is noted and 
includes residential, commercial, and industrial buildings. Discussed, 
for example, are older to newer structures; low-rise to high-rise 
buildings; office buildings; mobile homes and office trailers; private 
and commercial housing; schools; bridges; and general commercial 
buildings. Industrial facility structures include those associated with 
refineries, steam plants, pumping stations, cycling plants, water tanks 
(elevated and ground level), a research/experimental laboratory, a 
thermal plant, steel stacks, hydro/geothermal plants, and nuclear power 
plants. The review focused on the performance of engineered structures 
where attempts were made to reconcile predicted response behavior with 
actual observed behavior. 
Earthquake design considerations of the reported structures 
covered a wide range. On the one extreme, there were structures which 
incorporated the latest concepts in earthquake resistance design. Such 
structures employed good provisions for accommodating both lateral and 
vertical earthquake forces, had good load-carrying continuity between 
major structural elements (e.g., beams, floors, walls, etc.), were 
well-anchored to well-designed foundations, were designed to be flexible, 
and had good energy absorbing capacity. Well-designed structures were 
built under quality control guidelines. Schools, hospitals, and nuclear 
power plants have even more strict earthquake provisions placed on them 
than conventional facilities designed to the Uniform Building Code. At 
the other extreme, many reported structures did not incorporate any 
earthquake design provisions, lacked any structural continuity between 
major load-carrying members, and had few or no quality control or quality 
assurance requirements. 
A detailed study of the El Centro Plant subjected to the 1979 
Imperial Valley earthquake was conducted for this project. This plant 
was designed for a horizontal force coefficient of 0.2 and was subjected 
to actual earthquake ground motion estimated to be about 0.5g and 
experienced no significant structural damage. It was also a case in 
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which building drawings as well as measured ground motion close to the 
site was available. The results of the El Centro Steam Plant evaluation 
are sutmarized in Section A.3.5 and presented in detail in Appendix E. 
A.2 ASSESSMENT PROCEDURE 
The following is a brief description of the assessment procedure 
employed to meet the review objectives. For each earthquake, the litera-
ture was reviewed to identify structures that were subjected to strong 
ground shaking and whose observed structural performance is reported. 
The structure's capacity was then established by defining the earthquake 
force level associated with the onset of structural damage and/or the 
force level associated with the onset of collapse. At the lower capacity 
level, one would expect only minor yielding and inelastic behavior of 
structural members. At the higher capacity level, one would expect sig-
nificant damage, yielding and inelastic behavior. Next, the earthquake 
force level in the structure was estimated by means of an elastic response 
analysis using either recorded or estimated ground motion to define the 
structure input. The estimated force level was then compared with the 
structure's capacity in order to predict performance. This final compar-
ison was employed to assess how well the predicted structural performance, 
using elastic structural analysis methods based on elastic response spec-
tra and peak accelerations from recorded motion, correlated with actual 
observed behavior. 
Most published observations of performance focus on conventional 
structures designed to Uniform Building Code (UBC) provisions. For such 
structures, the expected performance can be expressed as a function of 
code design level. For example, past observations suggest that on the 
average, a properly designed structure should survive major shaking to 
earthquake force levels more than 4 to 6 times design values. Under such 
force levels, the structure can be expected to behave inelastically, 
exhibiting large, plastic deformations and some structural damage, but 
without collapse. At force levels at about 2 to 3 times code design 
levels, onset of yielding can be expected with some inelastic behavior but 
only minor structural damage. 
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Figure A-1 taken from Reference A-60, gives an example of 
observed data from the 1971 San Fernando earthquake for multi-story rein-
forced concrete structures constructed since 1964. The figure supports 
the above capacity level of 2 to 3 times code design levels for the onset 
of damage. The authors suggest that margin of safety against collapse of 
these structures was not tested by the San Fernando earthquake, but the 
data suggests that responses equivalent to five or more times design base 
shear could have been resisted without collapse, though severe damage 
would probably have resulted. 
A.3 RESULTS OF REVIEW 
Over 150 papers (listed at the end of this Appendix) have been 
reviewed; most of which describe the nature of structural damage resulting 
from past earthquakes. Based on information presented in these papers, 
the performance of structures during ten different earthquakes is reported 
in more detail. Published data from the other earthquakes is generally 
too limited to draw significant conclusions. Table A-1 lists the earth-
quakes chronologically and identifies the types of structures which are 
discussed along with cited references. Other earthquakes investigated 
but not discussed in any detail are the 1933 Long Beach, 1949 Olympia 
(A-140, A-152, A-155)*, 1964 Alaska (A-55), 1967 Caracas, Venezuela 
(A-110, A-148), 1974 Lima Peru (A-65, A-146), 1976 Friuli, Italy (A-80, 
A-145) 1977 Romania, 1980 Mammoth Lakes (A-156) and 1980 Trinidad-Offshore 
(Eureka) (A-123, A-124). 
For each of the cases presented, a brief description of the size 
and location of the earthquake and the general extent of strong ground 
shaking is first included. Next, the types of affected structures are 
identified and the level of ground motion to which they were subjected is 
estimated. The actual performance of the structures is then described 
and compared with that which would be predicted using elastic dynamic 
analysis procedures. 
Numbers in parentheses refer to the Research Bibliography reference 
number. 
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A.3.1 San Fernando, California Earthquake, 1971 (A-58, A-60, A-66, 
A-67, A-76. A-84. A-87, A-157, A-159, A-162, A-163) 
The San Fernando earthquake occurred on February 9, 1971 at the 
northern edge of the Los Angeles metropolitan area. The earthquake was 
of moderate magnitude (M|_ = 6.4, M5 = 6.6). Its hypocenter was located 
at the southern edge of the San Gabriel Mountains at a depth of 8.4 km. 
The focal mechanism for the San Fernando fault consists of thrust with a 
significant left-lateral movement along a fault dipping north-northeast 
at an angle between 35° and 50°. The aftershock locations indicate 
that rupture was limited to a disc-shaped region approximately 20 km 
across. The rupture extended to the surface along an irregular fault 
zone. 
The San Fernando earthquake occurred near the center of the 
largest concentration of strong motion recording instruments in the world. 
As a result, more usable strong-motion accelerometers were recorded than 
from all previous earthquakes combined. The highest ground motion was 
1.2g horizontal motion recorded on the Pacoima Dam abutment located on the 
upthrust block 8 km from the epicenter. Peak horizontal accelerations from 
0.15 to 0.40g were recorded in the area surrounding the fault rupture. 
Strong motion lasted some 12 seconds. The majority of the recordings 
were obtained in the Los Angeles area approximately 30 km to the south of 
the rupture zone. Many of these instruments were installed at various 
levels of high-rise buildings. The site conditions at the recording 
stations range from crystalline basement rocks to the north and east 
through older sedimentary rocks to deep deposits of unconsolidated and 
consolidated alluvium in the valleys to the south. The majority of the 
recordings obtained in the Los Angeles area are from buildings founded on 
thick. Pliocene deposits. 
Modified Mercalli (MM) intensities ranging from VIII to XI 
occurred in a 190 square mile area in the region surrounding the fault 
rupture. Extensive damage to residential buildings, streets and 
utilities occurred along the zone of surface faulting. Two hospitals 
suffered major collapses due to ground shaking. Forty-nine people were 
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killed in the collapse of older, unreinforced masonry buildings at the 
San Fernando Veterans Administration Hospital and three additional people 
were killed (2 due to to life support failure; 1 due to structural 
failure) in a modern reinforced concrete hospital. Severe damage to 
other residential and commerical buildings and highway bridges occurred 
in this area. Major landslides were caused by ground shaking, including 
the near failure of the Lower Van Norman Dam and severe damage to the 
Upper Van Norman Dam. 
Outside of the immediate area of strongest shaking, damage was 
mainly restricted to older structures. Most of the urban areas were 
constructed since 1933 when the first earthquake design requirements were 
incorporated into the local building codes and most modern buildings 
performed well. 
Although only of moderate size, the earthquake provided a real 
test for many types of building structures. Many engineering studies were 
conducted of earthquake-resistant structures to determine the adequacy of 
present design criteria. These studies included (a) tall buildings that 
contained three strong-motion instruments (b) major structures in the 
heavily shaken areas, most which happened to be medical facilities 
(c) modern one-story industrial and commercial structures, (d) public 
schools because these represented both non-earthquake and earthquake 
resistant designs and (e) some old, unreinforced masonry structures (e.g., 
the Veterans Administration Hospitals). 
The majority of the structures studied (except for tall buildings 
in downtown Los Angeles) suffered moderate to severe damage and even 
collapse. Engineering studies focused on damaged structures rather than 
undamaged structures subjected to strong motions. The discussion included 
herein of Building 41 of the Veterans Administration Hospital complex is 
an exception. 
A-7 
Veterans Administration Hospital Building 41. - The Veterans 
Administration Hospital Buildings 41 and 43 provide what is probably the 
best example in the San Fernando earthquake of structures designed to 
resist nominal loads, yet surviving intense shaking and suffering only 
minor structural damage. A study (A-163) was conducted of Building 41 to 
reconcile the observed behavior with the level of strong shaking experi-
enced during the earthquake. 
Building 41 and the Olive View Hospital (which was severely 
damaged) were located near the major surface faulting and about 1-1/4 
miles southwest of the Pacoima Dam where peak accelerations over Ig were 
recorded. Other buildings at the Veterans Administration site, which 
accounted for most of the earthquake's casualties, were not designed to 
resist earthquakes. 
There were no actual strong-motion accelerometers in the vicinity 
of the building site and thus, it is impossible to reconstruct the high-
frequency components of the ground motion which are important towards the 
response of the building. The range of peak acceleration values measured 
or inferred from nearby sites is rather wide; 0.5g to 1.2g. Moreover, 
the peak acceleration is not as important as the frequency content of the 
record in the range of structural frequencies. Reasonable estimates of 
spectral amplitudes in the period range of interest are 0.7g to 1.5g. 
Building 41 was designed in 1937 and built in 1938. It was four 
stories high, about 51 x 200 feet in plan with a centrally-located 
penthouse. The vertical and lateral load-carrying system consisted mainly 
of reinforced concrete shear walls supported on spread footings. There 
were six shear walls in the transverse direction and three longitudinal 
walls. Due to the sloping terrain, the ground story (or basement) was 
half-buried on the north side, whereas, it was nearly on grade on the 
south elevation. The basement floor slabs were cast on grade, and, as 
such, were not load-carrying. The other three floor slabs and the roof 
slabs were ribbed. These slabs were supported on beams spanning between 
columns and bearing walls. The building had structural symmetry. 
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The building was designed for a lateral load coefficient of 
approximately 10 percent its weight (at working stresses). The UBC code 
in force today would lead to a base shear coefficient of 0.28. 
In view of the apparent strength of the longitudinal walls, the 
study focused on the transverse response only. The lateral load capacity 
was first estimated on the basis of conventional code (current) oriented 
procedures. The results indicated that with a fixed base, the structure 
could resist lateral loads implied by a lateral load coefficient of about 
0.4g; the limiting factor being the tensile strength of concrete in the 
walls. 
A complete three-dimensional model of the entire structure was 
dynamically analyzed for a flat acceleration spectrum. The most important 
result from the analysis was that the inferred level of ground accelera-
tion as indicated by a spectral acceleration of about 0.5g is still quite 
low compared with credible lower bound estimates of the spectral accelera-
tion to which this building was subjected. This implies that the struc-
ture had a capacity significantly in excess of that revealed by the 
fixed-base elastic analysis. Considering linear soil-structure inter-
action in the analysis does not necessarily lower the level of internal 
forces in the structure compared with the fixed-base analysis (i.e., 
spectral acceleration may rise steeply with increasing period even though 
damping is increased. Thus, a nonlinear soil-structure interaction 
analysis was performed to help resolve the discrepancy between observed 
behavior and capacity estimates. 
The need for a nonlinear analysis stemmed mainly from the fact 
that at relatively low levels of excitation, partial uplift of the 
structure was already suggested. The reduced contact area between the 
base and the soil leads to lowering the rocking and lateral rigidities of 
the foundation, and with increasing separation, may lead to partial 
yielding of the soil. A two-dimensional analysis was conducted using the 
1971 Pacoima Dam (S16E) and the Holiday Inn (Orion Blvd., NOOW) records 
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normalized to a 0.5g peak accelerat ion. This level is compatible wi th 
the lower estimates of ground motion at the s i t e . Both records gave a 
base shear of approximately 0.9g. 
The resul ts c lear ly show that nonlinear so i l - s t ruc tu re i n t e r -
action ef fects lead to lower shear forces and moments and to higher 
compressive axial forces in the concrete wa l l s . Al l these ef fects tend 
to increase the a b i l i t y of the structure to survive strong shaking. The 
key to the successful response of the bui ldings was found to be in the 
combined ef fects of two fac to rs : (a) the large strength b u i l t in to the 
structure attained through proper de ta i l i ng and (b) the benef ic ia l ef fects 
of nonlinear so i l - s t ruc tu re i n te rac t i on . 
Earthquake forces based on l inear e las t i c analysis estimate 
forces greater than 10 times design or at least 3 times the estimated 
capacity. At such force leve ls , y ie ld ing and ine las t i c response behavior 
leading to severe damage would be predicted. The actual performance of 
the bui ld ing was one of essent ia l ly no damage. Therefore, the l inear 
analysis overestimated the actual earthquake forces by a s ign i f i can t 
amount. 
Thus, VA Building 41 represents a structure which, at l inear 
e las t i c calculated forces of at least 3 times the estimated capaci t ies , 
experienced essent ia l l y no damage. 
High-Rise Buildings - There were 66 h igh-r ise bui ldings in the 
major Los Angeles area that were instrumented with strong-motion accel-
erometers at the time of the February 9, San Fernando earthquake. Engi-
neering studies were conducted and are reported on 11 of these bui ldings 
(A-60). A l l had three strong-motion instruments and were designed by 
applicable bui ld ing codes. Study resul ts were used to review earthquake 
design procedures and evaluate actual safety factors in the minimum 
design requirements speci f ied by the bui ld ing code. 
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The buildings are the Sheraton-Universal Hotel, Bank of 
California, two Holiday Inns, Bunker Hill Tower, KB Valley Center, Muir 
Medical Center, Kajima International Building, Certified Life Building, 
Union Bank (Los Angeles), and 1901 Avenue of the Stars Building. All of 
the buildings were located 13 to 26 miles from the epicenter. 
The buildings ranged from 7 to 42 stories in height. Construc-
tion materials were either reinforced concrete or structural steel. 
Lateral force systems employed ductile moment resisting frames, moment-
resisting frames, flat slab and parameter frame, ductile frame (tube 
system), shear wall, and X-braced frame. 
Fundamental periods of the buildings ranged from 0.7 seconds to 
over 4.0 seconds. Design base shear values varied from 2.6 to 7.3 percent 
of gravity. Peak record ground acceleration values at the different 
building sites ranged from 10 to 26 percent gravity. 
All of the 11 buildings experienced calculated force levels 
greater than code design values. For the Sheraton-Universal Hotel, KB 
Valley Center, Union Bank, Muir Medical Center, Kajima International 
Building, Certified Life Building and the 1901 Avenue of Stars Building, 
dynamic elastic analyses using the recorded ground motion would predict 
forces from about 1 to 2 times their design levels. Even so, no damage 
was observed. For the Bunker Hill Tower and the Bank of California 
building, calculated forces were 2.5 to 3.0 times their design loads and 
therefore, some yielding, inelastic behavior and minor strutural damage 
might be expected. However, no significant structural damage was 
observed in these buildings. Minor damage to structural elements was 
observed in the form of cracking and spalling of concrete and local 
yielding of reinforcement. The structural response of the Bunker Hill 
Tower was nonlinear and could not be described or modeled very well by 
linear-elastic dynamic analysis techniques. The analysis of the two 
Holiday Inns indicated earthquake force levels 4 to 5 times design 
values. Thus, predicted performance would suggest significant yielding, 
inelastic behavior and structural damage. Beam and slabs would be 
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expected to yield and columns to remain within elastic l im i t s . Observa-
tions did show signs of beam yielding and substantial nonstructural 
damage. No serious column damage was observed. Beam damage was less 
severe than would be predicted from the calculated forces. 
Thus, for these 11 high-rise buildings, no damage was observed 
at elastic calculated forces up to 2 times their design levels. Only 
minor cracking, concrete spal l ing, and reinforcement yielding was observed 
for elastic calculated forces up to 3 times the design levels. Structural 
yielding and substantial nonstructural damage was observed at elastic 
calculated forces 5 times design, but without signif icant structural 
damage. 
Olive View Hospital (A-162) - An extensive f i e l d and analytical 
investigation of the structural performance of the main building of the 
Olive View Hospital Medical Treatment and Care Fac i l i ty was conducted. 
This modern, engineered building suffered such severe structural and 
nonstructural damages that i t had to be demolished after the earthquake. 
The observed structural damages were compared with those predicted by 
elastic and nonlinear dynamic analysis. 
The main building was a re lat ively massive, 6-story reinforced 
concrete structure. The building's ground story was considerably larger 
in plan than the upper f ive stories; approximately 1/3 of the building's 
total weight was concentrated at the f i r s t f loor . The upper portion 
consisted of four rectangular structures connected to each other at r ight 
angles and enclosing an open courtyard. A stairtower appendage was 
located at the end of each wing. 
The entire Olive View Medical Center was designed according to 
the provision of the 1964 UBC for a lateral base shear of approximately 8 
percent gravity. The main building had a complex structural system 
incorporating a wide variety of structual elements. The primary vert ical 
load-carrying system used in the building consisted of columns and f l a t 
slabs with drop panels. 
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Two different types of lateral load-resisting structural systems 
were used. In the upper four stories, numerous shear walls were provided 
to resist lateral loads. These walls, however, did not extend through 
the f i r s t and ground stor ies, so that the slabs and columns of the lower 
two stories formed a re lat ive ly f l ex ib le , moment-resisting space frame. 
Essentially a l l observed damage is attributed to ground shaking 
( i . e . , none due to permanent ground displacements). No ground motion 
records were obtained near the building s i te . Several accelerograms were 
numerically simulated or taken from recordings obtained at other sites in 
order to perform the analyses. The Olive View f a c i l i t y was located about 
six miles southwest of the epicenter, a MM intensity of XI has been 
assigned to the s i te . According to Reference A-162, the duration of the 
severe ground motion in the general v ic in i ty of the site was estimated to 
be about 8 seconds and the peak ground acceleration was estimated to be 
0.65g. Acceleration time history used in the elastic analysis was the 
Pacoima Dam base rock motion normalized to 0.65g. The nonlinear dynamic 
analysis used several dif ferent acceleration time histories scaled to 
peak values ranging from 0.4g to l.Og. 
Damage to the building was part icular ly severe in the bottom two 
stories, \lery large, permanent deformations were observed, including 
substantial inelastic deformation in slabs and columns, and the fa i lure 
of numerous tied-columns. The tied-columns generally fa i led in shear, 
resulting in the collapse of three of the stairtowers and much of the 
single-story portion of the ground story. Interstory deformation in the 
upper stories were small due to the presence of the shear walls. In 
general, damage to upper stories was relat ively minor. 
Elastic analysis results were able to detect b r i t t l e failures of 
the tied-columns (when the results were compared with estimated shear 
capacities) and the concentration of deformation in the bottom two 
stories. However, ident i f icat ion of many of the details of the response, 
such as the severity and distr ibut ion of inelastic deformations, and the 
signif icant increase in lateral displacements when an inelastic mechanism 
formed, was not possible from the results of the various elastic analysis 
performed. 
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The ine las t i c analyses revealed that the bui ld ing was designed 
to be very strong in comparison with bui ld ing code spec i f i ca t ions , but 
that for some members (notably, the tied-columns and f l a t slabs in the 
bottom two s tor ies) the required ine las t i c deformations were larger than 
they could develop according to the i r d e t a i l i n g . The ine las t i c analyses 
also indicated that the r e l a t i v e l y small strength and s t i f fness of the 
bottom two stor ies resul ted in a pa r t i a l sidesway collapse mechanism 
which concentrated d r i f t s and ine las t i c deformations in these two s to r i es . 
The displacements predicted by the ine las t i c analyses, although general ly 
larger than those predicted by the e las t i c analyses, were smaller than 
the permanent displacements observed in the bu i ld ing . On the other hand, 
the ine las t i c response was found to be very sensi t ive to the ground 
motion record used, and, in pa r t i cu la r , to records that contain severe, 
long-duration acceleration pulses. 
Base shears of the bui ld ing were calculated using e las t i c analy-
sis with resul ts ind icat ing values at least 12 times design value. From 
such a large calculated base shear, one would general ly predict t o t a l 
collapse of the main bui ld ing p a r t i c u l a r l y , when one considers the local 
concentration of non l inear i t ies at the bottom two s to r i es . Maximum story 
shears were also calculated from nonlinear dynamic analyses for d i f fe ren t 
ground acceleration time h is tor ies and found to be s imi lar in magnitude 
despite of the fac t that the time h is tor ies were scaled to peak accelera-
t i on values ranging from 0.4g to l .Og. From nonlinear analysis, the base 
shear in the bottom two stor ies were calculated to be 4 times larger than 
the working stress levels used in the design of the bu i ld ing . The ine las-
t i c shears were s i g n i f i c a n t l y smaller than the story shear forces predicted 
using e las t i c methods. This base shear value of 4 times design appeared 
to be more compatible with the observed behavior, namely, s ign i f i can t 
damage, y ie ld ing and i ne las t i c behavior resu l t i ng in near col lapse. 
Thus, the Olive View Hospital represents a case where e las t i c 
computed forces were at least 12 times the i r design values. Furthermore, 
nonl inear i t ies were concentrated at the lower two s to r ies . Very severe 
damage resu l ted. 
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Holy Cross Hospital - The Holy Cross Hospital was located in the 
area heavily shaken by the earthquake approximately nine miles from the 
epicenter. The main building has a 7-story tower, a 3-story wing to the 
north and 1-story wings to the east and west. A single-story basement 
was bui l t under the main tower. The main framing of the 7-story tower 
consisted of concrete jo is ts framed to beams or to walls along inter ior 
column lines and to spandrels on the exterior column l ines. On the north 
and south exterior walls, spandrels were located on the inside edge of 
the columns. The 1-story and 3-story wings were of similar j o i s t and beam 
construction for floors and roofs. The lateral force system consisted of 
concrete shear walls in each direct ion. As most shear walls were not 
continuous from top to bottom, reliance also was placed on the concrete 
f loor j o i s t and slab system acting as a diaphragm to transfer shears at 
points of discontinuity. The hospital was designed to a base shear of 
approximately 8 percent gravity. 
Damage to the structural system of the main building was quite 
general, but more pronounced on the f i r s t 4 stories. The west shear walls 
were discontinuous below the second f loor . The diaphragms were inadequate 
to redistribute horizontal loads on the 2nd, 3rd and 4th f loors , and were 
damaged severely in this area. One of the west wall columns was shattered 
at the th i rd f loor . Each of the west shear wall elements exhibited 
cracking. The longitudinal shear walls had numerous X-pattern fai lures 
over door openings. Excessive nonelastic movement of shear walls pro-
duced deformations large enough to cause portions of the vertical load 
framing system to act as a moment frame so that columns were carrying 
earthquake shears and moments. Due to deformations in the transverse 
directions, the columns exhibited shear cracking. In the longitudinal 
direct ion, many exterior spandrels were crushed in flexural compression 
and the column covers were shattered. 
There were no accelerometers in or near the Holy Cross Hospital 
complex. However, i t s location indicates that the ground shaking would 
be between the instrumental motion at the Pacoima Dam and at the Holiday 
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Inn on Orion Blvd. Peak ground acceleration at these sites were 1.2g and 
0.25g, respectively. Using this information plus the observed perform-
ance of the building itself, a peak ground acceleration of 0.4g to 0.5g 
was estimated for the site (Reference A-67). 
Calculated earthquake forces for the main building using an 
elastic model of the building indicate a base shear of approximately 
0.55g. As with the Indian Hills Medical Center, response spectra of the 
Pacoima Dam (S74W) and the Holiday Inn, Orion Blvd. (NS) records were 
scaled to the peak ground acceleration estimates and were used to account 
for spectral amplification. In addition, ultimate capacities of several 
critical shear walls were computed in the main tower structure. These 
capacity calculations suggest a 15 percent gravity base shear would be 
associated with major cracking. 
Elastic calculated earthquake forces were 3 to 4 times ultimate 
capacity and 6 to 8 times design. From such high forces, one would 
predict significant yielding, inelastic behavior, and structural damage. 
Although significant damage was observed, collapse was not imminent. The 
building met the basic intent of the code (i.e., no collapse under heavy 
shaking). The shattered columns gave indication that damage would have 
been greater had the high intensity of shaking occurred over a longer 
time interval. 
Thus, the Holy Cross Hospital represents a case where significant 
damage, but no collapse occurred for elastic calculated forces 6 to 8 
times design and 3 to 4 times ultimate capacity. 
Indian Hills Medical Center - The Indian Hills Medical Center 
was located in the heavily shaken area, some nine miles from the 
epicenter. The building is a reinforced concrete structure of seven 
stories, about 80 x 170 feet in plan, with a complete load-carrying frame. 
Concrete beams run north and south across the building. Typical floor 
slabs span between girders. The exterior walls are light, curtain-wall 
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construction except where concrete shear walls are located. These shear 
walls are concentrated toward the ends of the building. The building was 
designed per the 1966 edition of the Los Angles code for a lateral base 
shear of 4.5 percent gravity. 
Some damage to shear walls was observed as cracks forming at the 
horizontal construction joints of floor lines. There was evidence of 
slight horizontal movement although these cracks were not related 
directly to shear. The slabs, in some cases, also showed cracks. The 
ends of shear walls were designed as columns and thus, were subjected to 
both shear and axial loads. Concrete in the splice area crumbled. All 
shear walls in lower levels cracked in the typical X-pattern indicating 
high shear stress. Damage was noted at intersections of girders and 
walls. 
No strong-motion records were available at the building site. 
However, based on the building location relative to the epicenter, the 
nearby buildings studied, and its own observed performance, the peak 
ground motion was estimated to be between 0.4 and 0.5g (Reference A-67). 
A linear elastic dynamic analysis was conducted of the building 
to estimate earthquake forces. Time history motions considered were the 
Pacoima Dam (S74W) and the Holiday Inn, Orion Blvd. (NS) records scaled 
to the peak estimated acceleration for the site. This analysis, 
accounting for spectral effects, resulted in a calculated base shear of 
35 percent gravity. In addition, ultimate capacities of several of the 
critical shear walls in compression, tension and shear were computed 
establishing an ultimate capacity limit of about 10 percent gravity or 2 
times the design values. 
Thus, elastic calculated earthquake forces are 3.5 times 
ultimate capacity and 7 times design. From such high forces, one would 
predict significant yielding, inelastic behavior, structural damage, and 
possibly the onset of collapse. However, observations suggest the 
building was not near collapse. 
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Medical Buildings Near Hansen Lake - Four medical buildings 
located near Hansen Lake were studied. These are the Foothil l Medical 
Center, the Pacoima Lutheran Medical Center, the Golden State Community 
Mental Health Center and the Pacoima Memorial Lutheran Hospital. All are 
located about 8 to 9 miles from the earthquake epicenter and less than 1 
mile south of the nearest fau l t break. There were no strong motion 
instruments at any of the building sites. However, peak ground motion is 
estimated to be about the same as that at Holy Cross Hospital and Indian 
Hi l ls Medical Center ( i . e . , in the 0.4 to 0.5g range). 
All four f ac i l i t i e s were designed to a base shear of about 13 
percent gravity. Except for the Golden State Center, a l l of the medical 
buildings included design and construction features not considered 
adequate under s t r i c t interpretation of the Los Angeles Building Code. 
These features were direct ly responsible for the type of damage observed 
in the structures. For example, a closer study of the Foothil l Medical 
Center showed that a 7 percent gravity lateral load would be suff icient 
to cause the f i r s t fa i lure of i t s bracing system. 
The Golden State Center is considered to be properly designed in 
that i t met the intent of the building code. Calculated forces (via 
elast ic analysis and peak ground acceleration) would result in an earth-
quake force level perhaps 2 to 3 times the Golden State Center design 
value. One would, thus, predict onset of y ie ld ing, minor inelastic 
behavior, and negligible structural damage except at the location of 
improper design and construction features. This prediction is consistent 
with the observed performance. 
Low-Rise Industrial and Commercial Buildings - The performance 
of f i f teen low-rise industrial and commercial buildings were studied. 
Thirteen are one-story buildings with wood roof systems, one is a 
f ive-story monolithic concrete building, and one is a one-story building 
with precast concrete roof and walls. All f i f teen buildings were located 
between 8 and 17 miles from the epicenter and were bui l t since 1958. Al l 
were designed by applicable building codes. No recordings of the motion 
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at the building sites were made. Peak ground motion was estimated to have 
been between 20 and 40 percent gravity with most buildings subjected to 
40 percent gravity (Reference A-67). Principal damage was due to heavy 
vibration although there was some permanent ground displacement. The 
lateral design forces for most buildings was about 13 percent of dead 
load. Calculated forces using elastic analysis procedure ( i . e . , response 
spectra anchored to the peak acceleration estimates) would suggest 
earthquake forces at least 3 to 6 times design. Thus, significant 
y ie ld ing, inelast ic behavior, and signif icant damage would be predicted 
from the calculated loads. Observed performance varied from moderate 
damage to complete collapse of the structures. Much of the damage was 
the result of lack of continuity ( i . e . , strength capacity) between the 
wall and the roof systems. Several wall shear fai lures were caused by 
lack of ab i l i t y to resist out-of-plane earthquake forces. Performance of 
the buildings was strongly influenced by their capacity for energy 
absorption and duc t i l i t y . 
Implications - The San Fernando earthquake subjected a variety 
of structures to ground accelerations that equaled or exceeded their 
design values. Many engineering analyses were performed to compare both 
calculated and actual responses. In those cases where an elastic 
analysis calculated base shear forces only moderately greater than the 
structures design values, good correlation was seen between predicted and 
observed behavior. Both predicted and actual performances of these 
structures ranged from no damage to moderate cracking and yielding of 
structural elements. 
In those cases where an elastic analysis calculated base shear 
forces much greater than the structure's design value, the predicted 
extent of damage signi f icant ly exceeded observed response. Total 
collapse would be predicted for some structures, yet actual performance 
ranged from no damage (VA Building 41) to signif icant yielding and 
inelastic response (Olive View, Holy Cross, Indian H i l l s ) . 
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Inelastic analysis incorporating nonlinear material properties 
were performed on several structures in an effort to reconcile the 
differences between calculated elastic response and actual behavior. The 
inelast ic analysis method produced lower base shear forces and gave a 
better correlation with observed structural performance. 
In the absence of design or construction deficiencies which 
would result in reduced duc t i l i t y or energy absorption capabil i ty, the 
following general observations could be made: 
1. For the Veterans Administration Hospital Building #41, 
essentially no structural damage occurred even though the 
fixed base, linear elastic calculated forces exceeded 
design forces by a factor greater than 10 and exceeded the 
estimated ultimate capacities by a factor greater than 3. 
This structure was a s t i f f structure (similar to many 
nuclear power plant structures) subject to substantial 
nonlinear soil structure interaction effects. The 
beneficial effect of nonlinear soil-structure interaction 
effects and part icular ly good structural detail ing have 
been judged to be responsible for the very good performance 
at high force levels. 
2. High-rise buildings (not similar to nuclear power plants) 
tended to show no damage at elastic calculated force levels 
up to 2 times their design levels; minor structural damage 
at elastic calcuated forces up to 3 times design; and 
structural yielding and substantial non-structural damage 
but no substantial structural damage at elastic calculated 
forces 5 times design. I t should be noted that the design 
capacity is based on working stress design and that the 
estimated actual ultimate capacity is generally about twice 
the design capacity. Thus, minor structural damage might 
be expected at 1.5 times the ultimate capacity, while no 
substantial structural damage would be expected at 2.5 
times ultimate capacity. The Holy Cross Hospital showed 
signif icant structural damage but no collapse at elastic 
calculated forces 3 to 4 times the ultimate capacity. 
However, collapse is l ike ly to have resulted i f the 
duration of strong shaking had been longer. 
3. Very signif icant structural damage occurred at the Olive 
View Hospital at elastic calculated forces greater than 12 
times design. However, this damage was heavily influenced 
by the fact that nonlinear behavior was concentrated at the 
lower two floors as opposed to being spread uniformly 
throughout. 
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The San Fernando data illustrate the importance of designing 
adequate ductility into the structural system and the importance of not 
overdesigning the strength of a portion of the structure so as to 
concentrate the nonlinearities into localized "weak-link" regions. So 
long as these principles are observed, these data illustrates that the 
onset of significant structural damage should not occur at elastic 
calculated force levels less than 2.5 times the ultimate capacity for 
ground motion similar to that recorded for the San Fernando earthquake. 
Because of nonlinear soil-structure interaction, the actual performance 
might be substantially better than indicated by this 2.5 factor. These 
data clearly illustrate that elastic response cannot be correlated with 
damage unless the inelastic energy absorption capability (ductility) of 
properly designed structures is considered. The elastic computed 
response must be reduced by a factor of approximately 2.5 or greater if 
it is to be compared with the ultimate capacity for the purposes of 
predicting the onset of significant structural damage for a properly 
designed structure subjected to San Fernando type ground motion. 
A.3.2 Managua, Nicaragua, Earthquake, 1972 
(A-26, A-30, A-40, A-42, A-111, A-112. A-113) 
On December 23, 1972, a moderate magnitude earthquake (M^ = 6.2) 
occurred in Managua. Loss of l i f e approached 10,000, approximately 57 
percent of the c i t y ' s 450,000 occupants were rendered homeless, property 
damages are estimated to be about $1 b i l l i o n . The hypocenter of the main 
shock was located in an area approximately coinciding with downtown 
Managua at a depth of 2 to 8 kilometers. Only one accelerometer record 
was obtained at the ESSO refinery which was approximately 3 miles from 
the faul t traces and the c i ty of Managua. Peak recorded accelerations 
were 0.39g EW, 0.33g NS and 0.31g ver t i ca l . 
From the results of seismoscope records throughout the c i t y , 
observation of damage, and the estimated location of the hypocenter, i t 
follows that the ground motion in central Managua was more intense than 
that recorded at the ref inery. Peak accelerations have been estimated at 
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0.5 to 0.6g. A maximum MM intensity of nearly IX was estimated in the 
central downtown area where much damage was observed. Other areas of 
concentrated damage were the heavily populated northwestern part of the 
city and in the populated, industrial areas to the northeast. In the 
vicinity of the ESSO refinery, intensity values of V to VI were estimated. 
Structures in Managua were predominantly one-to-two stories with 
some taller buildings up to eight stories in height. The type of con-
struction in the city can be described according to height rather than 
function. Low-rise structures were dominated by taquezal type construc-
tion - adobe bricks filling a light timber framework. Suburban housing 
typically consisted of reinforced masonry or concrete walls with heavy 
reinforced concrete roof slabs. One-story factories and warehouses were 
also constructed in this manner. Taller structures consisted primarily 
of reinforced concrete. The range of actual base shear strength 
coefficients was wide. On one extreme were institutional buildings, 
heavy but with considerable wall area. At the other extreme were light, 
modern buildings. 
Severe damage and collapse were generally confined to those 
structures with taquezal, concrete, and unreinforced masonry construction 
that lacked adequate lateral force resistance. These buildings are 
inherently quite weak and heavy enough to generate large lateral forces 
under earthquake shaking. There were examples of moment resisting 
unbraced frame structures for which the structure endured the earthquake 
without severe damage but experienced motions great enough to cause 
extensive property losses and loss of functionality. Shear wall frame 
buildings were much stiffer; the limited deformations resulted in very 
little property loss or loss of functionality. However, some of these 
showed sufficient structural damage to question their safety for an 
earthquake of equal intensity but longer duration. 
A variety of industrial facilities were located in Managua. 
Damage to these facilities varied with distance from the fault, type of 
construction, and the extent to which earthquake-resistive details were 
engineered into their design. 
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ESSO Refinery - The ESSO Refinery was designed and bui l t in two 
different stages in the mid 1950's and early 1960's. Plant structures 
include vert ical vessels of various heights and slenderness, pumps, 
generators, heat exchangers, piping systems, tanks, foundations, etc. 
The design met requirements of the Uniform Building Code. Al l detail ing 
reflected the U.S. design procedures in effect at the time of design. 
All equipment was tied to i ts foundation, piping systems were braced, 
etc. In 1968, a smaller earthquake caused some d i f f i cu l t ies at the 
plant. Consequently, portions of the plant were redesigned to withstand 
a peak ground acceleration of 0.2g. On the average, however, the design 
base shear coefficient at the f a c i l i t y was about 0.10 to 0.13g. 
The peak recorded acceleration at the site was 0.39g. The high 
amplitude portion of the motion lasted for about f ive seconds with a 
nominal acceleration value of about 0.2g. Ground motion of a long-period 
nature followed. Much of the equipment and low-height structures at the 
site have re lat ively high natural frequencies. The t a l l fractionating 
towers, reactors, and o i l heaters are characterized by low frequencies. 
The nature of the ground shaking was such that most structures and 
equipment would see some response amplification over the ground 
acceleration. The peak ground acceleration was over 3 times the average 
design base shear coeff icients. Considering spectral amplif ication, the 
elast ic computed forces would be expected to have been at least 6 times 
the average design base shear and at least 3 times the yield capacity. 
Damage at the refinery was minimal and limited primarly to 
grouted pads, concrete block walls, and some steel cross bracing. After 
performing analyses, Blume (A-26) noted that even when the earthquake 
demand on the plant was over three times yield capacity, damage was 
insigni f icant . 
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ENALUF Thermal Plant - The ENALUF f a c i l i t y is a three un i t , 
o i l - f i r ed plant with a total capacity of 90 MW(e). At the site were 
modern turbine generators, a,group of six diesel generators of 
approximtely 1 MW(e) each, a 138/69-KV transmission substation, a 
69/13.8-KV distr ibut ion station and an indoor switching stat ion. The 
plant was reportedly designed to a lateral force of O.lOg. 
The ENALUF f a c i l i t y was located within 0.15 miles of the 
principal fau l t . A peak ground acceleration at the site was estimated at 
0.6g - six times the design level . Any elastic analysis techniques based 
on the ground excitation would give calculated forces much greater than 
yield capacity. Significant yielding would be predicted. 
Overall damage to the plant was s l igh t . Some of the worst 
damage occurred to unanchored equipment which was free to displace or 
f a l l . Equipment attached to the f loor was not affected by the 
earthquake. Piping throughout the plant struck platforms or equipment. 
Usually, the pipe's lagging and thermal insulation were crushed, but the 
pipe i t se l f was undamaged. 
Implications - Both the ESSO Refinery and the ENALUF thermal 
plant provides examples of engineered structures subjected to strong 
ground shaking. Calculated earthquake forces based on ground accelera-
tions would far exceed estimated capacities (by factors of 3 to 6 or 
more). Again, elast ic analysis without accounting for the inelastic 
energy absorption capabil ity would result in a poor correlation between 
predicted and observed structural performance. 
A.3.3 Kern County, California Earthquake, 1952 
(A-32, A-137, A-138, A-139, A-140) 
The Kern County area of California was subjected to strong 
ground shaking from the major July 21, 1952 Kern County (Arvin-Tehachapi) 
earthquake (ML = 7.2, Ms = 7.7) and a series of related earthquakes and 
aftershocks that followed. The epicenter was located about 26 miles 
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south of Bakersfield and 4 miles west of Wheeler Ridge. The shock was 
f e l t over 160,000 square miles. Another strong shock, August 22, 1952, 
had a more local ef fect. I t caused considerable damage to Bakersfield 
and immediate v i c in i t y and was f e l t over 40,000 square miles. 
There were no strong motion accelerometer stations in the 
central area to record the ground motion. The nearest station was at 
Taft about 25 miles from the faul t rupture. The maximum peak 
acceleration was 0.20g. Strong motion (>0.1g) lasted more than 12 
seconds. The instrument site has been assigned a MM intensity of V I I . 
In areas of higher intense shaking (MM intensity VI I I and IX), closer to 
the fau l t rupture, the ground motion is estimated to be signif icant ly 
greater than 0.20g. 
The earthquake occurred near a populated area. Consequently, a 
large variety of resident ia l , public, commercial and industrial structures 
were affected. Construction material used in these structures included 
wood, both reinforced and unreinforced masonry and concrete, and steel. 
In general, damage to buildings, elevated water tanks, and other struc-
tures followed the pattern that structures performed well when earthquake 
provisions were incorporated in their design. Poorly designed and con-
structed buildings were the f i r s t to suffer severe damage or collapse. 
Relatively few wood frame structures were seriously damaged. 
Those that were heavily damaged were thrown off foundations because of a 
lack of bracing or suff icient bolting to foundation walls. In the region 
of strongest shaking, unreinforced brick, concrete block and adobe struc-
tures were severely damaged; however, the performance of reinforced 
concrete block and reinforced, grouted brick was good. Small steel 
structures such as gasoline stations suffered no damage, although some 
high-rise steel structures suffered minor damage. 
There were several refineries subjected to strong shaking. The 
overall behavior of refineries was good and damage was s l ight . This can 
be attributed to the general use of steel piping and good anchorage of 
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equipment. Most piping breaks occurred due to lack of f l e x i b i l i t y or use 
of cast i ron. Breakage in steel underground piping was limited to a few 
cases in very poor s o i l . 
Kern County Steam Plant - The Kern County Steam Plant was bu i l t 
in 1947-48 and has a capacity of 175 MW in two units. The principal 
building is constructed of steel frames and concrete walls. The plant 
building and associated equipment represent a wide range of fundamental 
frequencies. All structures within the plant were designed for a lateral 
force of 20 percent gravity. For this design level , the onset of 
yielding is estimated at base shears of 40 to 60 percent of i ts weight. 
This plant is located about 15 miles from the faul t rupture. At 
this location, peak ground motion was estimated to be between 0.3 and 
0.4g. The fundamental frequencies of the plant structures should cover a 
wide range. Estimated earthquake forces using elast ic response (spectrum) 
analysis should result in some plant structures having a calculated force 
of at least two to three times greater than the above estimated yield 
levels. Yielding of major structural elements in the plant would then be 
predicted. However, damage to the buildings was negligible suggesting 
that i f an elastic analysis had been used to calculate earthquake forces, 
the loads would have been signi f icant ly overestimated. 
Elevated Water Tanks - A water tank at the Maricopa Seed Farms, 
100,000 gallons in capacity and 100 feet in height, was subject to strong 
shaking estimated to be about 0.25 to 0.3g. This tank was located about 
20 miles from the fau l t rupture. The tank was designed to a value of 
O.lg. Even ignoring possible spectral amplification elastic analysis 
would result in calculated forces in the tank far greater than i ts design 
capacity. Significant damage would be predicted; yet, none occurred. A 
similar tank at nearby Di Giorgio Farms, designed to 0.12g and subjected 
to strong shaking also suffered l i t t l e damage. For both tanks, elastic 
analysis would overestimate earthquake forces actually seen by the 
structures. 
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Implications - The overall performance of structures during this 
earthquake points to the importance of energy absorption and ductility in 
the response behavor of structures (e.g., brittle structures suffered the 
greatest damage). The observed performance of the Kern County steam 
Plant and elevated tanks show that calculated earthquake forces based on 
elastic analysis overestimate actual forces. Thus, their predicted 
performance did not correlate with observed behavior. 
A.3.4 Santa Barbara, California Earthquake, 1978 
(A-64, A-119, A-120, A-160) 
A moderate earthquake (ML = 5.1, Ms = 5.6) struck the Santa 
Barbara-Goleta area on August 13, 1978. The earthquake was centered in 
the Santa Barbara Channel, 5 to 8km south of downtown Santa Barbara. The 
resulting ground motion displayed a marked directional asymmetry which 
had an important bearing on overall effects of the earthquake. This 
asymmetry caused the most intense ground motion in the Goleta area even 
though Santa Barbara is closer to the epicenter. A maximum MM intensity 
of VII is reported near the University of California Santa Barbara (UCSB) 
campus located in Goleta. The focal depth was estimated at about 13km. 
The fracture apparently propagated from the epicenter laterally west-
northwest toward Goleta for a rupture length of about 8km with a terminus 
about 4km from the UCSB campus. 
Several strong motion accelerometers recorded the ground 
motion. In Santa Barbara, strong motion was recorded at the base of the 
Freitas Building and also the Santa Barbara Courthouse. A peak value of 
0.23g was recorded. A Goleta Substation of the Southern California 
Edison Company recorded 0.29g. Two recordings were made on the UCSB 
campus near Building 340 and at the base of North Hall. The recorded 
acceleration at North Hall had a peak value of 0.42g. Duration of 
strongest shaking was about 2 to 3 seconds. 
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As would generally be expected because of the more severe 
shaking, structures in Goleta suffered more damage than those in Santa 
Barbara. Most of the major structures located in Goleta are on or near 
the UCSB campus. These included a number of reinforced concrete shear 
wall buildings up to 8 stories in height located on the campus, several 
large steel frame hangars and a control tower at the adjacent municipal 
a i rport , a pair of high-rise reinforced concrete shear wall dormitories 
west of campus, and a number of long low-rise (1-3 stories) commercial 
buildings north of campus. The major remaining buildings in the Goleta 
area consist of conventional 1-3 story wood frame apartment buildings and 
duplexes located in the area west of campus. Final ly , there are several 
mobile home parks in the area located east, north and west of campus. 
Except for a few old wood frame and adobe structures (mostly farm houses) 
the buildings in Goleta are re lat ively modern. The majority have been 
constructed within the last 20 to 30 years. 
Several of the mult i-story, reinforced concrete buildings on the 
UCSB campus received moderate diagonal cracking of shear walls in the 
lower stories. Some of the roof-top mechanical equipment were severely 
affected, and instruments and supplies were destroyed in some 
laboratories. Damage to l ight f ix tures, cei l ings, and plaster occurred 
throughout the campus. The total earthquake damage to structures and 
buildings on the UCSB campus was estimated at $3.4 mi l l ion . Of this 
t o t a l , only approximately $300,000 was attributed to structural damage. 
Just north of the UCSB campus there are nearly 100 buildings. 
The buildings comprise a mixture of hangars and single story off ice 
service buildings. The majority of the buildings are wooden and of World 
War I I vintage. Most of the damage was architectural. The most notable 
structural damage was limited to two hangars and the airport control 
tower. Both are steel frame structures. They suffered permanent 
deformations. With these exceptions., the remaining structural damage 
consisted of cracked concrete f loor slabs in two buildings and shifted 
wood columns in one of them. There was essentially no damage to 
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electr ical service f a c i l i t i e s . Structures in the Santa Barbara area 
display a wider variation of architecture, and construction than those in 
Goleta. However, damage to these structures was comparatively minor. 
North Hall (UCSB) - North Hall is a rectangular three-story 
reinforced concrete shear wall structure or ig inal ly bui l t with a 
deficiency in i ts lateral resistance. Thus, concrete shear walls were 
'added to make the structure meet the 1976 edition of the Uniform Building 
Code. As previously indicated, the building was instrumented with 
strong-motion accelerometers during the earthquake. The base acceleration 
in the transverse direction was about .40g. There was also another 
intrument which measured approximately .65g on the th i rd f loor , and the 
roof record reached Ig . These motions imply a base shear of 50 to 70 
percent of the weight of the structure; yet the damage to the building 
consisted only of light-to-moderate X-cracking in the concrete shear 
walls. 
Implications - Although the level of ground shaking was quite 
high, l i t t l e structural damage occurred to engineered structures. 
Performance predictions based on earthquake forces levels from elastic 
analysis would have predicted much greater damage. In part icular, 
calculated earthquake forces at North Hall based on the measured 
acceleration would clearly have predicted damage, yet none was observed. 
Secondly, the damage was less at Goleta for 0.25 to 0.45g ground 
accelerations than occurred in San Fernando within these same ground 
acceleration regions. Thus, the inelastic energy absorption effects 
indicated by the San Fernando data, would have to be even greater at 
Goleta to account for the small amount of observed damage. In other 
words, the shorter duration Goleta records resulted in less damage than 
the longer duration San Fernando records, for the same ground 
acceleration. 
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A.3.5 Imperial Valley, Cal i fornia, Earthquake, 1979 
(A-35, A-36. A-37, A-38, A-125, A-127, A-128, A-129) 
On October 15, 1979, a moderate earthquake (ML = 6.6, Ms = 6.9) 
shook the Imperial Valley of Cali fornia. The central region of Imperial 
Valley extending from Brawley to Calexico is estimated to have had ground 
motion associated with a maximum MM V I I . The distr ibut ion of strong 
ground shaking was about the same in El Centro, Imperial, Calexico, and 
Brawley, the four communities most affected by the earthquake. 
The area was well instrumented by a network of strong-motion 
accelerometers. In several instances, peak vertical accelerations were 
considerably higher than horizontal acceleration values (for example, at 
Station No. 2, a 1.74g vert ical acceleration was recorded). The maximum 
peak recorded horizontal acceleration was 0.81g at Bonds Corners which is 
located about 2km from the epicenter and causative fau l t . El Centro 
experienced ground motion in the 0.2 to 0.5g range. Imperial Valley 
College 0.52g, Brawley 0.22g, Hol tv i l le 0.26 and Calexico 0.28. Station 
No. 9 in El Centro is the same location where the 1940 El Centro record 
was taken. I t is 6km west of the Imperial Fault and also 1km from the El 
Centro Steam Plant. Peak accelerations were 0.40g NS, 0.27g EW, and 0.38 
ver t i ca l . About 0.83km SE of the plant another strong-motion instrument 
recorded 0.51g NS, 0.37g EW and 0.93 ver t ica l . With only a few excep-
t ions, part icular ly that at Bonds Corners, the duration of strong shaking 
( i . e . , greater than O.lg) was very short. Bonds Corners strong shaking 
lasted about 13 seconds. 
Earthquake damage and effects in the Imperial Valley varied 
greatly in their occurrence and dist r ibut ion. The damage consisted of 
par t ia l l y collapsed unreinforced brick walls; cracked cornices, parapets 
and gables; a few damaged chimneys; display windows broken or shattered; 
plaster cracked and fa l len ; sections of suspended cei l ing t i l es displaced 
or fa l l en ; shelves, and considerable quantities of glassware, dishes, and 
small objects fal len and broken. 
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Wood frame stucco dwellings, some as close as 30 to 150 meters 
from the faul t rupture had very minor damage. The most heavily damaged 
modern building was the Imperial County Services Building in El Centro, a 
six-story reinforced concrete frame shear wall structures designed under 
the 1967 provisions of the UBC. Excluding this building, the most severe 
damage in Brawley, Calexico, El Centro, and Imperial was to low-rise 
unreinforced brick buildings and to a few low-rise reinforced concrete 
frame buildings constructed before the 1940 El Centro earthquake. 
The Imperial Valley College had a recording of 0.52g. The 
majority of buildings on campus are low, one-story structures with 
reinforced concrete block walls and metal deck roofs. Buildings are of 
recent construction, probably less than 10 years old. Structural damage 
was minor and typical of damage observed in previous earthquakes. 
There was some elevated water storage tanks in or near the 
c i t ies of Brawley, Imperial, El Centro and Calexico. Most experienced no 
damage. Two suffered minor to moderate damage in the form of buckled 
braces and torn gusset plates; one tank collapsed and ruptured. Ground 
supported steel storage tanks, in general, performed very well except for 
those with height to diameter ratios greater than one. As these tanks 
were not anchored down, they rocked and l i f t ed off their foundation pads 
resulting in seam ruptures, piping fa i lu res, and compression buckling. 
Imperial County Services Building - Although the intensity of 
shaking in El Centro was V I I , the Imperial County Services Building was 
assigned an intensity IX. Completed in 1971, the six-story reinforced 
concrete frame and shear-wall structure was designed per UBC (probably 
for a base shear of about 13 percent gravi ty) . Although severely 
damaged, the building did not collapse but was subsequently demolished 
because of the earthquake damage. The major damage to the building was 
the fa i lure of the four reinforced concrete support columns on the east 
side of the building. The concrete at the base of the columns on one 
side of the building was shattered and the vert ical reinforced beams were 
severely bent. The part ial collapse of the support columns allowed 
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the eastern extremity of the building to sag about 1 foot . In the upper 
levels of the bui lding, the south exterior wall was extensively cracked 
near the window frames. Also, there was part ia l separation between 
f loors , walls, and cei l ings; fa l len suspended cei l ing t i l e s ; damage to 
inter ior walls; and off ice furniture shifted or overturned. A shear wall 
system was used to resist NS motion and a frame system used for EW 
forces. At the east and west ends of the building above the second 
f loor , the exterior consisted of reinforced concrete shear walls. The 
ground story had four walls resist ing NS forces. The second f loor slabs 
transferred shear forces from the end walls in the second story to 
inter ior walls in the ground story. A thicker slab at the second f loor 
was used to aid the shear transfer. The foundation consisted of pi le 
caps resting on tapered p i les. 
Sixteen acceleration records were obtained at the building 
s i te . Three were f ree - f i e l d . Peak ground accelerations were 0.29g NS 
and 0.32g EW. Motion measurements indicated building periods were 0.62 
seconds in the EW direct ion, 0.44 seconds in the NS direction and a 
torsion mode period at 0.35 seconds. Much inelastic behavior was also 
noted. Peak measured roof acceleration was 0.48g EW. 
El Centro Steam Plant (See Appendix E) - The El Centro Steam 
Plant is located in the northeast portion of El Centro, about 25km from 
the epicenter and 5km from the causative fau l t for the 1979 earthquake. 
The NS component of the acceleration record from USGS recording station 
5165 which was located less than 1km from the steam plant had a peak 
recorded acceleration of 0.49g NS. In spite of the high ground 
accelerations at the plant s i te , no signif icant structural damage 
occurred to the plant. 
The El Centro Steam Plant has four units that burn o i l or 
natural gas. Units 1, 2, and 3 were designed by Gibbs and Hi l l and bu i l t 
in 1949, 1952 and 1957, respectively. Unit 4, the newest and largest 
with a 80-MW electr ic output, was designed by Fluor corporation, L td . , 
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and bu i l t in 1968. Combined output of al l four units is 174 MW. Each 
unit of the plant is structural ly independent and contains three struc-
tures: a turbine building, a turbine pedestal and a boiler structure. 
Soil at the site consists of very deep a l luv ia l deposits composed of 
s t i f f to hard clays inter la in with laminations of s i l t y clay loam. 
Units 3 and 4 were operating when the earthquake occurred. 
Units 1 and 2 were down for maintenance. The operating units tripped off 
line when station power was lost . Unit 3 was restored to service within 
15 minutes after the main shock. Unit 4 was restored to service within 
two hours. Several of the references cited report the detailed earth-
quake effects on the plants. In general, only minor damage was observed. 
There was a great deal of motion at the s i t e , and various traces of the 
motion were observable, e .g . , skid marks of reheater feet, bent seismic 
stops, etc. There were"some equipment fa i lures; leaks occurred in the 
water supply for the hydrogen coolers; a two-inch pipe fa i led ; a buckling 
fa i lure occurred in an o i l storage tank; old wooden forced draft cooling 
towers sustained damage to the wooden structure; and a lightning arrester 
broke off a transformer. Structural damage was limited to buckling of 
bracing members in the boiler structures. 
The seismic design basis of Units 1, 2 and 3 is unknown. Review 
of the project specifications for Unit 4 indicates that the steel framing 
was designed for a lateral stat ic equivalent seismic loading of 0.2g 
(dead and l ive loads). The Unit 4 turbine building is a moment-resisting 
steel frame with reinforced concrete shear walls on 3 sides. The boiler 
structure is a braced steel frame while the turbine pedestal is a re in-
forced concrete frame that supports the turbine generator. The pedestal 
shares a box-girder foundation with the turbine building and boiler 
structure. 
Analyses of Unit 4 of the steam plant have been reported in 
References A-37 and A-128. Both analyses of the Unit 4 structure were not 
conducted for the expressed purpose of correlating predicted structural 
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damage with observed structural damage. The analysis presented in 
Reference A-37 was conducted for the purpose of estimating equipment 
response levels, thus, the structural model was greatly simpli f ied. The 
analysis presented in Reference A-128 ut i l ized a general three-dimensional 
representation of the Unit 4 structure, but considered the foundation to 
be fixed-base, thus, ignoring soil-structure interaction effects. I t 
should be noted that the purpose of the analysis conducted in Reference 
A-128 was to demonstrate that a particular set of conservative design 
cr i te r ia would yield analysis results which would greatly overpredict the 
observed structural response levels of the Unit 4 structure. 
Since portions of the Unit 4 structure were designed for a 
stat ic 0.2g lateral force and yet the observed damage for a recorded 
ground motion, characterized by a 0.5g peak acceleration, was s l igh t , the 
Unit 4 structure was selected to be investigated in detail as part of 
this study. This investigation is described in Appendix E. In general, 
the results of this study indicate that the concrete shear walls, which 
were not considered as part of the design lateral force system, actually 
carried much of the lateral force. Thus because of the presence of these 
shear walls, the basic response of the turbine building remained within 
code l imits for the 0.5g ground motion due to the participation of these 
walls in the overall lateral response. However, there were local regions 
in which the calculated seismic response of the turbine building steel 
frame was nearly double the plastic moment capacity and in which horizon-
ta l diagonal bracing members exceeded yield by a factor of 4 due to the 
lack of effective diaphragms in some regions. In the boiler structure, 
e last ica l ly calculated seismic response would also indicate more damage 
than was actually observed. For members damaged during the earthquake, 
the rat io of calculated seismic response to ultimate capacity is 4.0 or 
greater. For the members with no observed buckling following the earth-
quake, the rat io of calculated seismic response to ultimate capacity is 
4.9 or less. Hence, i t may be concluded that for the Imperial Valley 
earthquake and the steam plant structure, the onset of signif icant 
structural damage should not occur at elast ical ly calculated force levels 
less than about 4 times the code specified ultimate capacity. The 
A-34 
investigation of the El Centro Steam Plant demonstrates that the plant 
had significantly more capacity than the design level of 0.2g due to the 
additional turbine building shear walls as well as other factors such 
that it may be concluded that seismic capacity cannot be directly 
inferred from the design level earthquake acceleration. In addition, 
this investigation also demonstrates that elastic analyses using 
instrumental earthquake ground motion predicts much more damage than 
actually occurs during an earthquake even if all seismic resistant 
mechanisms for the structure and code specified ultimate capacities are 
accounted for. This investigation points out the need for including 
inelastic energy absorption capability, wave scattering phenomena, 
repeatable acceleration peaks, duration of strong shaking, etc., in 
design analyses of critical facilities such that analytical results 
realistically reflect potential levels of structural damage. 
1940 versus 1979 Earthquakes - There are many similarities 
between the May 18, 1940 and the October 15, 1979 Imperial Valley 
earthquakes. Ground rupture from the 1979 event followed the same 
pattern as the 1940 event, and showed many of the same features and 
characteristics. The similarity also extends to the distribution and 
types of damage. Their magnitude, about 6.5, and felt areas are 
approximately the same, yet damage from the 1940 earthquake was much 
greater if damage to the Imperial County Services Building in El Centro 
is excluded in the comparison. 
It should be noted that the maximum acceleration recorded at the 
same site in El Centro during the 1940 and 1979 earthquakes were 0.36 and 
0.40g, respectively. This suggests that the levels of maximum horizontal 
acceleration in El Centro, were not markedly different in the two earth-
quakes, but the duration of strong shaking differs by a factor of at 
least three. The difference in damage levels suggest that the greater 
duration of shaking during the 1940 shock might be the reason for the 
greater damage. 
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Implication - The general lack of damage (excluding the Imperial 
County Services Building) during the 1979 Imperial Valley earthquake for 
0.3 to 0.6g ground motion indicates the importance of ground motion dura-
t ion in estimating damage potential and the need for inelast ic energy 
absorption capability in the design of structures to mitigate damage. 
Certainly, one would have expected greater damage i f these strong ground 
accelerations had been associated with longer duration records such as 
those recorded in the 1971 San Fernando or in the 1952 Kern County 
earthquake. 
A.3.6 Parkfield, California Earthquake, 1966 
(A-32. A-33, A-115 through A-118) 
The Parkfield-Cholame area of California was subjected to very 
high ground accelerations from a moderate earthquake (ML = 5.6, Ms = 6.4) 
on June 27, 1966. The epicenter was located on the San Andreas fau l t 
approximately 5 miles northwest of Parkfield or 20 miles northwest of 
Cholame. A maximum intensity VII was assigned to a small area in and 
near the San Andreas fau l t zone, extending southeasterly from a few miles 
north of Parkfield to a few miles south of Cholame. Five strong motion 
instruments and f i f teen seismoscopes recorded the ground motion. The 
maximum recorded acceleration was 51 percent gravity (Station 2) located 
about 200 feet of the faul t trace. Other peak acceleration values were 
47 (Station 5), 28 (Station 8) and 7 (Station 12) percent gravity at 
distance of 3, 6 and 9 miles, respectively. The accelerometer at Temblor 
also located about 6 miles from the fau l t recorded 41 percent gravity. 
Although 0.5g was recorded at the f a u l t , the ground motion attenuated 
rapidly with distance and at 10 miles from the fau l t the maximum 
acceleration was reduced to about one-tenth of i ts near fau l t value. At 
Cholame Station 2, the motion consisted primarily of a single pulse with 
strong motion less than 2 seconds. However, ground motion recorded at 
further distance lost this pulse-like characteristic. 
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Despite the large accelerations, very l i t t l e damage was caused 
by the earthquake. In general, the area was sparsely populated and there 
were no multi-story buildings. However, there were a number of small 
structures, a couple of o i l company pumping plants, an electrical trans-
former stat ion, several bridges, and houses, etc. A pump station near 
Shandon was subjected to ground motion estimated at 25 percent gravity. 
No damage occured to the building or to a steel stack. Another pump 
station located closer to the fau l t and subjected to higher ground shaking 
also saw no damage. 
In Cholame and v i c in i t y , a domestic water tank containing 
approximately 4500 gallons of water saw an estimated 0.4g acceleration. 
Although there was evidence of sl ight base movement, no damage was 
observed. At a Standard Oil Station, some metal forms buckled. 
The f i r e station building in Parkfield is located within l imits 
of the faul t and was subjected to an estimated acceleration greater than 
0.4g. The station is a one-story, reinforced brick building presumably 
constructed according to UBC requirements. A conservative estimate of 
the design base shear would be about 0.15g. Given the high level of 
ground motion, some yielding would have been predicted. The stat ion, 
however, was not damaged. 
Implications - The observed performance of the Parkfield f i r e 
station indicates that elastic calculated earthquake forces would 
substantially overestimate actual forces. Correlation between elastic 
predicted and observed behavior would not be good. 
Reference A-33 states in general, judging from the effects of 
the main shock on structures, the recorded maximum acceleration appar-
ently lacked damage potent ial . Probable reasons are (a) short duration 
of the maximum ground acceleration, (b) predominent period of the ground 
acceleration out of range of the natural periods of existing structures, 
and (c) few structures of engineering significance located in the v ic in i ty 
of the maximum recorded accelerations. 
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A.3.7 Bear Valley Earthquake, 1972 (A-34) 
The Bear Valley earthquake occurred on September 4, 1972 in San 
Benito County, California. The earthquake was of small size 
(̂ 13 = 4.6, M|_ = 4.7). The hypocenter was located at a depth of 5km, 
approximately 1km southwest of the most recently active trace of the San 
Andreas fault. The aftershock locations define a vertical plane 3km in 
width and 4km in length parallel to the San Andreas fault. Recent work 
indicates that there may be a systematic bias to the west for the location 
of the earthquake in the region. Movement of the aftershock zone, a few 
kilometers to the east, would place the zone directly on the San Andreas. 
Three strong motion instruments were located within 10km of the 
calculated epicenter. The stations, recorded peak horizontal accelera-
tions and calculated epicentral distances are: the Stone Canyon 
Geophysical Observatory, peak acceleration 0.23g, distance 3km; Melendy 
Ranch Barn, peak recorded acceleration 0.70g, (0.52g corrected), distance 
9km; Bear Valley Fire Station, peak acceleration 0.17g, distance 10km. 
Eastward movement of the rupture zone to place it on the San Andreas 
fault would result in the distance from the rupture zone to each of the 
three stations being only a few kilometers. All three instruments are 
located on relatively shallow deposits of recent alluvium. 
The earthquake occurred in a sparsely populated region. The 
principal effect of the earthquake pertained to numerous rockfalls along 
the steep banks of the San Benito River. The epicentral region was 
assigned an intensity VI with only slight damage reported. The damage 
was reported at the Bear Valley Fire Station at a distance of approxi-
mately 9km from the epicenter. At the fire station, cinder block walls 
developed fine cracks, a fire truck rocked noticeably from side-to-side, 
and a vertical pipe from a water heater extending through the ceiling 
crushed the sheet rock. At Melendy Ranch, approximately 8km from the 
epicenter, small landslides occurred, small objects fell and vehicles 
rocked. 
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Implications - As no major engineered structures were located 
within the region affected by the Bear Valley earthquake (the design 
basis for the Bear Valley Fire Station is unknown) no significant 
statement can be made concerning the effect of high ground acceleration 
earthquake motions on engineered structures from this earthquake. 
A.3.8 Coyote Lake Earthquake, 1979 
(A-105, A-106, A-107, A-108, A-109) 
On August 6, 1979, a magnitude, M[_ = 5.7, earthquake occurred 
at a depth of 10km in the Calaveras faul t zone at Coyote Lake approxi-
mately 50 km southeast of San Jose or 10km north-northeast of Gilroy, 
Cal i fornia. 
Because of the high seismic ac t i v i t y in the Gilroy-Holl ister 
area, there were a number of strong motion instruments in the area which 
recorded the ground motions. Al l stations in the Gilroy array are within 
16km of the epicenter and extend from a rock site through an al luvial 
valley to another rock s i te . The stations in the Bear Valley array 
located between 50 and 75km from the epicenter recorded accelerations 
greater than 0.05g. A maximum horizontal acceleration of 0.42g was 
recorded at station 6 located on rock within 1km of the faul t trace and 
to the southeast of the epicenter. 
The earthquake caused wery l i t t l e damage in the epicentral area, 
which is mountainous and sparsely populated. A strong motion instrument 
at Coyote Dam recorded a horizontal acceleration of 0.23g. The highest 
MM intensity values of VII were observed in the Gilroy and San Felipe 
Lake areas. Intensities were higher in these areas due to deep, a l luv ia l -
f i l l e d valleys and the direction of earthquake energy propagation. 
Reports from Gilroy and Holl ister indicated no signif icant 
structural damage. Minor cosmetic damage consisting of plaster cracking, 
some pounding between adjacent buildings, and glass breaking occurred. 
In general, the level of damage was very low. 
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Implications - Although the earthquake affected a variety of 
commercial structures in both Gilroy and Hol l is ter , insuff ic ient 
published data describing the performance of specified structures 
exists. Consequently, no correlation between predicted and observed 
structural performance can be made. 
A.3.9 Orovi l le, California Earthquake, 1975 (A-147) 
The Oroville earthquake occurred on August 1, 1975, near 
Orovi l le, Cali fornia. The earthquake was of medium size (M|̂  = 5.7, 
M̂  = 5.6) with a hypocenter depth of 8km. 
Five strong motion instruments were located within 35Km of the 
earthquake epicenter. The Orovil le Dam seismograph stat ion, a rock s i te , 
recorded a peak horizontal acceleration of O.llg and a peak vert ical 
acceleration of 0.14g. Two instruments were on alluvium and recorded 
peak accelerations of 0.08g and 0.07g while the remaining two instruments 
were on rock, one recording a peak acceleration of 0.03g and the other 
not being triggered. 
Twelve strong motion instruments were installed in the 
epicentral area after the occurrence of the main shock. Over 100 strong 
motion recordings were obtained for aftershocks in the magnitude range 
\ = 3.0 to 5.0 at epicentral distances generally less than 12km. 
The Oroville Medical Center is a one-story wood frame structure 
with a two-story portion on a side h i l l . The building is located on 
approximately 100 feet of Cenozoic terrace gravels. Peak horizontal 
accelerations between 0.04g and 0.39g were recorded for aftershocks in 
the magnitude range M|_ = 4.0 to 4.9 at hypocentral distances of 7km to 
11km. Damage consisted primarily of nonstructural plaster damage. 
Within the c i ty of Orovi l le, where the peak horizontal accelera-
tions may have been of the order of O.lOg to 0.15g, building damage con-
sisted primarily of broken windows, cracked plaster and broken cei l ing 
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tiles. Very little structural damage occurred in modern buildings. Only 
minor damage was observed in any of the several State Water project 
facilities in the area, including the Oroville Dam and the associated 
power plant. 
Implications - The only engineered structures of significance in 
the epicentral area were the State Water Project facilities at Oroville 
Dam and Thermalito Afterbay. These facilities experienced peak horizon-
tal accelerations of the order of O.lg during the main shock with only 
slight damage. This low level of shaking did not allow an effective 
assessment of the correlation between predicted and observed behavior. 
A.3.10 Greenville, California Earthquake. 1980 
(A-141, A-142, A-143) 
In January, 1980, the Livermore Valley area of California was 
shaken by a series of earthquakes. Most of the damage was the result of 
shocks which occurred on January 24th. The largest shock was a ML = 5.5 
located 12km north of the Livermore Valley and 20km northwest of the 
Lawrence Livermore National Laboratory (LLNL) along the Greenville 
f au l t . In addition to the main shock, there was a foreshock ML = 2.7 a 
minute and a half earl ier and an aftershock ML = 5.2, located again on 
the Greenville fau l t 14km to the south of the f i r s t principal shock. The 
second principal shock caused essentially no damage. 
There were no strong motion instruments in the Livermore Valley 
or at LLNL. The closest instruments were at Del Valle Dam and Veteran's 
Hospital, south of General Electric Vallecitos Plant (Pleasanton), Kodak 
Faci l i ty (Dublin), and Tracy. Peak ground acceleration recorded were 
0.26g, 0.18g, O.l lg, 0.15g and 0.09g. Estimates for ground motion at the 
LLNL Site were 0.2 to 0.3g. 
In general, damage to structures in the Livermore v ic in i ty was 
very l igh t . A few chimneys were cracked and several unreinforced brick 
serpentine walls were toppled. The abutment on Greenville Road Overpass 
on Interstate 580 which passes almost direct ly over the Greenville fau l t 
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had one abutment drop 6 to 10 inches interrupting t r a f f i c . There was 
some insignif icant minor cracking in the concrete structure. The 
Livermore City Hal l , a f a i r l y new reinforced concrete building, had no 
structural damage; however, there was extensive damage to the suspended 
T-bar cei l ings. Elsewhere in Livermore, there was very l i t t l e damage to 
structures except for occasional broken glass. 
Most of the damage was concentrated in the eastern portion o^ 
the valley, damage was noted principal ly to a mobile home park. A high 
percentage of mobile homes f e l l off their stands and sustained damage. 
No damage was reported to an electr ical substation or any equipment which 
was located 1 mile west of Greenville fau l t . Two wineries are located 
about 2 to 3 kilometers southeast of Livermore. One suffered no damage 
to any structure, while extensive damage was sustained by an elevated 
water tank and wine tanks in the other. An elastic estimated base shear 
coefficient of 35 percent of gravity was estimated to have caused the 
observed damage. Typical damage to the small wind fiberglass lined steel 
tanks was toppling due to broken legs. No ruptures occurred and damage 
was not signif icant. The larger tanks (stainless steel) suffered more 
damage. There were fai lures to anchorage, local buckling, concrete 
spalling of support base, and permanent overall deformations. Only one 
tank ruptured. Total dollar value for repairs was estimated at $1 to 1.5 
mi l l i on . 
The Lawrence Livermore National Laboratory occupies an area of 
approximately one square mile located about 2 miles east of downtown 
Livermore. I t contains some 147 buildings and 975 t ra i l e r units (repre-
senting about 3.5 mi l l ion square feet of f loor area). Design c r i te r ia 
for LLNL fac i l i t i es varies considerably. Cr i t ical f ac i l i t i e s ( i . e . , those 
with radioactive materials) were designed or evaluated using dynamic 
analysis with peak ground motion values of 0.5 to 0.8g; laser and magnetic 
fusion experimental f a c i l i t y (with high capital cost) employs a 0.25g 
ground acceleration with a dynamic analysis; off ice buildings vary from 
no seismic design to the Uniform Building Code with an equivalent static 
coefficient of about 0.2; equipment and furnishing also varies from no 
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seismic design to a greater than l.Og stat ic coeff icient. Damage to 
equipment and f ac i l i t i e s were estimated at $10 mi l l ion . A large part of 
the cost was for structural repairs to three administrative buildings, 
for the repair of architectural-type damage, and for essential improve-
ment to meet upgraded seismic safety standards. The total dollar cost 
for both repair and improvements was estimated at between $15 and $20 
mi l l ion . 
There was no structural damage to c r i t i ca l f ac i l i t i es at LLNL 
and only minor cosmetic or architectural damage. These fac i l i t i es are 
typ ica l ly of very s t i f f low rise shear wall type of construction. In 
general, building f a c i l i t y damage was primarily to f ive non-crit ical 
buildings al l of which are moment resist ing structures. The inter ior 
furnishings were most affected. Connections between t i l t - u p concrete 
slabs and their supporting structural steel frames were affected. Core 
walls had considerable cracking in some buildings. 
The 975 individual t ra i le r units at LLNL are assembled into 216 
complexes. Eighty-seven were tied down. In general, there was l i t t l e 
damage to t ra i l e rs . In complexes not t ied down, one t ra i le r was badly 
damaged (walls cracked, etc.) and four were moderately damaged ( inter ior 
cei l ing t i l es and l ight f ixtures displaced). No structural damage 
occurred to t ra i lers tied down. 
In general, much of the actual cost of repair at LLNL resulted 
from cosmetic damage. Tall bookcases that were not anchored tipped over, 
damaging walls and breaking inter ior glass. Sheetrock partit ions were 
cracked in many buildings. Ceiling t i l e s , l ight f ix tures, and air 
diffusers (not anchored) f e l l to the f loor and broken water pipes caused 
water damage. 
Implications - The engineered structures behaved as would be 
expected of structures designed in accordance with UBC code design 
provisions which resist moderate earthquakes without structure damage but 
allow nonstructural damage. 
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A.3.11 Other Earthquakes 
In addition to the above included cases, numerous other examples 
exist where observations have been made of structures subjected to 
re lat ive ly strong ground motions. Although not included in de ta i l , they 
are worth c i t i ng . 
The lack of damage in the v i c in i t y of the ground accelerations 
due to the 1972 Ancona, I ta ly earthquakes is noted in Reference A-13. 
The 1972 earthquakes magnitude of 4 to 5.0 produced recorded maximum 
accelerations of 0.6g at Rocca (rock) and 0.4g at Palombina (sediment). 
Epicentral distances to these stations were about 7 and 15km, respec-
t i ve ly . I ta l ian seismologists and engineers (A-39) report the re la t ive ly 
small damage and the fact that buildings designed with seismic coef f i -
cients of about 0.07g in accordance with the recently adopted I ta l ian 
earthquake code, suffered no damage. This conclusion again indicates 
that short duration records and inelastic energy absorption capabil i ty of 
structures l im i t actual damage. Without accounting for these factors, 
elastic computed forces compared to ultimate capacities would greatly 
overpredict damage. 
References A-140, A-154 describe br ie f ly structural perform-
ance during the 1940 Imperial Valley (El Centro) earthquake which caused 
considerable damage. References A-152, A-155 describe effects from the 
1949 Olympia earthquake. Reference A-55 describes the damage to 
structures caused by the 1964 Alaska earthquake. There were no recorded 
motions for the 1964 Alaska earthquake. 
References A-26 and A-40 address the damage that the 1906 San 
Francisco earthquake (magnitude 8.3) brought on the City of San Francisco. 
The epicenter of the 1906 earthquake was about 17km from downtown San 
Francisco on the San Andreas fau l t . There were no ground motion re-
cordings. References A-26 and A-40 suggest that current procedures would 
estimate peak accelerations exceeding l.Og in downtown. Further, spectral 
accelerations, i f based on the peak acceleration value, with reasonable 
damping ratios and at the fundamental frequencies of major buildings of 
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the era, would be 2.0g or more. The papers indicate that there were 52 
major buildings in San Francisco, none of which were specif ical ly designed 
to resist earthquakes. Their resistance to earthquakes was a by-product 
of their wind design and non-structural facades and part i t ions. None of 
the buildings collapsed and a l l but seven were repaired and returned to 
use. Most are s t i l l in use today. A few of the surviving buildings 
include the 19-story Central Tower, the Fairmont Hotel, the old portion 
of the St. Francis Hotel, the post office at Seventh and Mission Streets 
and the Ferry Building. None of these buildings would meet current code 
requirements. The references indicate that an average base shear coeff i -
cient of 0.4 would be a generous estimate of the yield-level stress 
capacity for these buildings. 
A number of observations have been made regarding the effect of 
more distant earthquakes on structures. References A-110, A-146, A-148, 
A-149, and A-150 discuss the 1967 Caracus, Venezuela, 1974 Lima, Peru, 
and the 1977 Romania earthquakes whose epicenters were far removed from 
i ts highly affected areas. Structures with longer periods were more 
influenced and soil conditions played a larger role. 
Another more distant earthquake series, the 1960 Chile earth-
quakes, caused considerable damage and is f a i r l y well-documented in 
References A-151, A-26, A-40, A-43, and A-88. Of particular note, is the 
behavior of the Huachipato Steel Plant located near Concepcion in Central 
Chile. This plant was subjected to strong motions. The plant was bui l t 
in 1947-1960. The f a c i l i t y includes a blast furnace, steel production 
plant and blooming, merchant and reversing mi l ls and a fabricating shop. 
There are also many vertical stacks and several elevated water tanks. In 
general, the plant was designed using allowable stress values associated 
with static lateral coefficients believed to be in the range of 0.10 to 
0.30. An extensive study of the plant was conducted in order to develop 
the most l i ke ly spectral response accelerations. The actual damage, or 
lack of damage, was then used to reconstruct the probable response pattern 
and then to determine the base shears and an approximate spectral diagram 
for the plant. The probable spectral acceleration at the period and 
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damping of the most c r i t i ca l structures is 1.2g. Damage predictions based 
on earthquake forces developed from such spectral accelerations clearly 
would suggest signif icant damage. Very l i t t l e damage was observed. 
Agadir, Morocco was severely damaged by an earthquake on February 
29, 1960. The earthquake was assigned a magnitude of 5.8, with estimates 
ranging from 5.5 to 6.0. The epicenter of the earthquake was within 2 to 
3 kilometers of the center of the c i ty of Agadir. Damage observations 
suggest a depth of focus no more than 2 or 3 kilometers. The radius of 
signif icant damage was very confined, within a 5km radius of the epi-
center. Intensities of X and XI were assigned to this central c i ty 
area. No strong motion data are available. Damage evidence (A-UO) 
strongly suggests that the ground motion consisted largely of a single 
primary acceleration pulse of short duration. There were several types 
of structures in Agadir at the time of the earthquake. The most preva-
lent was constructed with unreinforced or poorly reinforced masonry. 
Nearly a l l such structures nearest the quake epicenter collapsed or were 
damaged beyond repair. 
Another principal type of structure employed reinforced 
concrete. Many had concrete columns and beams for carrying vert ical 
loads; however, the jo ints between members lacked both moment and shear 
resistance capabil i ty. When subjected to lateral shaking, the beam-
column connections fa i led . The lack of continuity between the various 
structural elements did not allow a redistr ibution of loads and many such 
structures collapsed. I t was generally observed that even in cases where 
structures had signif icant stat ic resistance to lateral forces, their 
earthquake performance was poor due to a lack of duc t i l i t y and energy 
absorption capacity. 
References A-44, A-121 and A-122 report on the June 8, 1975, 
earthquake (ML = 5.2, M̂  = 5.7) that occured in the Ferndale region of 
Northern California. The epicenter was located 4 miles south and s l ight ly 
west of Ferndale. The Humboldt Bay Power Plant is located south of Eureka 
and adjacent to the bay. The plant consists of two units of fossi l fuel 
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powered generators and a nuclear powered generator unit (Unit 3). Both 
fossi l fuel units were operating at the time of the earthquake while the 
nuclear unit was out of service for a scheduled refuel ing, maintenance 
and modification. The only strong motion accelerograms recorded during 
the earthquake were those obtained at the power plant site located 12 
miles from the epicenter of the earthquake. A MM intensity of V is 
assigned to the plant s i te . Unit 3 was instrumented with three strong 
motion instruments. At these sensor locations, the largest peak accelera-
tion was recorded in the (transverse) EW direct ion. Peak (corrected) 
values were 0.35g, 0.25g and 0.16g, for f ree- f ie ld (storage building), 
ground level inside the refueling building and reactor caisson (78 feet 
below grade), respectively. Strong shaking was about 3 to 5 seconds. 
The corresponding acceleration response spectra for 2 percent damping 
indicates that maximum spectral values occurred for both instruments in 
the Refueling Building between 2 to 3Hz and for the Storage Building 
between 2 to lOHz. The effect of the earthquake was to t r i p the generator 
o i l c i rcu i t breakers and the auxil iary transformer for both fossi l units. 
On the nuclear un i t , the only abnormal condition caused by the earthquake 
involved spurious actions on one of a pair of redundant relays in the 
refueling building high di f ferent ia l pressure protection system. Small 
waves (9 to 12 inches) were observed in the spent fuel pool. No 
signif icant earthquake related damage was observed. 
References A-114, A-123 and A-124 report the effect of a 
November 8, 1980 earthquake on the Humboldt plant. This earthquake had a 
surface wave magnitude of 7.0 and occured off the coast of California 
west of Eureka and the Humboldt plant. Free-field peak ground motion 
estimates were 0.15g to 0.25g. The effects of the earthquake on plant 
structure, piping, equipment and components were minimal. The only 
structural damage was permanent deformation of a reinforced masonry wall 
of the plant's one-story cold machine shop. The wall is 18 feet high and 
spans horizontally 70 to 80 feet between cross walls. Movement at the 
base of three water storage tanks was evidenced, but there was no damage 
to the tank or attached piping. Effects on piping and mechanical 
equipment were essentially n i l . 
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References A-45, A-97 and A-144 discuss earthquake effects on 
two nuclear power plants. First is the Fukishima Nuclear Station which 
was subjected to strong motion from the 7.4 magnitude Miyagi-Ken-Oki, 
Japan earthquake of June 1978 located about 140km from the stat ion. Peak 
ground motion was approximately O.lg with a maximum response acceleration 
of about 0.25g. OBE design motion was 0.18g. The only damage reported 
for the power complex was breakage of some non-crit ical electr ical insu-
lators. The second is the Wm. H. Zimmer Station, Moscow, Ohio which was 
subjected to ground motion from the July 27, 1980 Sharpsburg, Kentucky 
earthquake. Magnitude of this event was 5.1 with i t s epicenter located 
46 miles south-southeast of the stat ion. Peak acceleration at the site 
was 0.04g, below the OBE of O.lg. There was no vis ible damage to any 
structures at Zimmer. 
References A-134, A-135 and A-136 indicate that the V i rg i l C. 
Sumner Nuclear Station, located near Parr, South Carolina was subjected 
to ground motion from several nearby magnitude earthquakes in 1978. The 
strongest event occurred on August 27, 1978 and had a local magnitude of 
2.8. The epicenter on this event, called Monti cello Reservoir Earth-
quake, was about 6500 feet northwest of the nuclear stat ion. The focal 
depth is estimated at 100 to 500 meters. The nearest recording instru-
ment, a USGS strong motion accelerometer was located on a straight l ine 
between the plant and the epicenter and at a distance of about 4400 
feet. Peak recorded horizontal components of the accelerations were 
0.27g and 0.21g, and 0.08g for the vertical component. The duration of 
strong shaking was very short (less than 1 second). A conservative 
estimate of 0.lOg to 0.18g is made for the ground motion at the plant 
s i te . No damage was observed. In fac t , the event was essentially unfelt 
by personnel at the plant. 
Cloud (A-41) discusses the seismic performance of power piping 
by examining the in t r ins ic characteristics of piping that are bu i l t - in due 
to designed construction practice and also by examining the performance 
of comparable piping in past earthquakes. Discussed are power plant 
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piping behavior during seven past earthquakes. These are the 1979 
Imperial Valley, the 1978 Miyagi-Ken-Oki, the 1972 Managua, the 1971 San 
Fernando, the 1964 Alaska, the 1952 Kern County (Taft) and the 1933 Long 
Beach. Observations include the seismic performance of piping in the El 
Centro Steam Plant in the Imperial Valley, the Fukushima Nuclear Power 
Plant, and the ESSO Refinery Complex and the ENALUF Power Plant in 
Managua. San Fernando Valley Power Plant, the Kern County Steam Station, 
and the Long Beach Steam Station. In summary. Cloud indicates that based 
on the available data and observations pertaining to the behavior of 
power piping during actual earthquakes, even for power plants experiencing 
severe ground motion the piping remains intact . 
A.4 CONCLUSIONS 
The objectives of the review effort were twofold. F i rs t , to 
assess how well predicted structural performance, based on elastic 
analysis procedures that employ elastic response spectra derived from 
recorded ground motion, correlates with actual observed structural 
behavior during past earthquakes. Second, to identi fy ground motion and 
structural characteristics that strongly influence a structure's response 
behavior. 
To meet these objectives, an extensive l i terature review was 
conducted and a data base established that documents the performance of 
structures subjected to strong ground shaking from past earthquakes. 
When possible, those cases were identi f ied where a direct comparison 
between observed behavior and predicted performance based on calculated 
earthquake forces could be made. 
The l i terature review and damage documentation presented, 
herein, lead to the following conclusions: 
1. When the level of ground motion was such that the observed 
overall structural behavior was essentially e last ic, the 
predicted behavior based on calculated earthquake forces 
using elastic analysis correlated well with observation. 
Note, structures were observed to often exhibit such 
overall behavior and s t i l l exhibit local yielding. 
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When the level of ground motion caused the actual structure 
to respond ine last ica l ly , the elastic analysis method gave 
calculated earthquake forces which signficantly over-
estimated the actual force level which occurred producing 
the observed damage. In these cases where the calculated 
elast ic force levels would be generally indicative of 
signif icant structural damage, the predicted performance 
did not correlate with observed behavior. 
Several factors were ident i f ied which influence the 
response behavior of well-designed structures. Among these 
are the duration of strong shaking, the energy absorption 
or duc t i l i t y capacity of a given structural system, and the 
effects of soil-foundation interact ion. In general, the 
documentation assembled qual i tat ively supports the belief 
that such factors must be included in the develoment of 
design ground motion c r i te r ia i f predicted structural 
behavior is to accurately correlate with actual observed 
performance. 
There are some documented cases where short duration 
motions have not caused any signif icant damage, even to 
non-engineered structures, in spite of the fact that the 
short duration motions had equal or higher peak accelera-
tions than long duration motions which resulted in s igni-
f icant damage. 
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TABLE A-1 
LIST OF EARTHQUAKE/STRUCTURE-TYPES 
INCLUDED IN REVIEW/DAMAGE DOCUMENTATION 
EARTHQUAKE STRUCTURE-TYPE REFERENCES 
Cases with Damage Documentation 





















San Fernando, CA 
Bear Valley, CA 
Managua, Nicaragua 
Oroville, CA 
Santa Barbara, Ca 
Coyote Lake, CA 
Imperial Valley, CA 
Greenville, CA 
Cases Reviewed 
San Francisco, CA 





General, Kern County Steam Plant, 
Elevated Tanks 
General 
General Medical Facilities, 
High-Rise Buildings, Industrial, 
0. View, VA 
General 
General, ESSO Refinery, ENALUF 
Thermal Plant 
General, State Water Project 
General 
General 
General, El Centro Steam Plant 
General, LLNL 




Huachipato Steel Plant 
General 
137-140, 32 
32, 33, 115-118 
58, 60, 66, 67, 76, 84, 
87, 157, 158, 159, 162, 163 
34 
26, 30, 40, 42, 
111-113 
147 




26, 30, 99, 155 
154, 140 
140, 152, 155 
110 
26, 40, 43, 88, 151 
55, 110 
TABLE A-1 (Continued) 



























Mammoth Lake, CA 
Eureka, CA 
Sharpsburg 






General, Humboldt Bay, Nuclear 
General 
General 
Fukushima Nuclear Power Plant 
Virgil C. Summer Nuclear Plant 
General 
General, Humboldt Bay, Nuclear 























SUMMARY EARTHQUAKES, MAXIMUM RECORDED ACCELERATIONS, STRUCTURE-TYPES AND 






































12 June 1978 
13 Aug. 1978 
27 Aug. 1978 



























Imperial Valley 6.6 
5.1 
2.8 
6 Aug. 1979 Coyote Lake 
24 Jan. 1980 Greenville 






































































Humbolt Bay Power Plant 0.35 
Fukushima Nuc. Power Plant 0.10 





Up to l.Og EST 
0.2 - 0.5 EST 
>0.1 
0.06 - 0.50 
0.63 







Virqil C. Summer NPP 
General 
El Centro Steam Plant 
General 
Livermore Valley/LLNL 
Wm. Zimmer NPP 
0.45 
<0.1 EST 
0.2 - 0.4 
0.49 
0.42 
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Circ le s represent the iMxiiwui f irst-mode baa* shears 
e i^erlenced during the earthquake, t i cked c i r c l e s represent 
s tructures that had sane damage; squares represent the nominal 
code values of base shears for which the bui ldings were designed. 
The periods are those of the fundamental modes of v i b r a t i o n . 
Base shear c o e f f i c i e n t i s equal t o base shear div ided by t o t a l 
weight of s t ruc ture . 
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OBSERVED PERIOD ( s e c . ) 
FIGURE A - 1 . BASE SHEAR COEFFICIENTS OF MULTI-STORY CONCRETE BUILDINGS SUBJECTED 
TO STRONG GROUND SHAKING DURING 1971 SAN FERNANDO EARTHQUAKE 
(Reference A-60) 
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APPENDIX B 
INPUT GROUND MOTION DATA 
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FIGURE B-la. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY 
FOR THE OLYMPIA, WA., 1949 (N86E) RECORD 
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0.0 5.0 10-0 IS.O 2 0 . 0 2S .0 30-0 
TIME (SEC) 
35.0 4 0 . 0 4E.0 
40.0 4C.O M.O SCO 
TIHE tSECi 
FIGURE B-lb. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY 
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FIGURE B-lc. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR THE 
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FIGURE B-ld. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY 
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FIGURE B-le. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR 
THE PACOIMA DAM, SAN FERNANDO, 1971 (S14W) RECORD 
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FIGURE B-lf. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR THE 
HOLLYWOOD STORAGE P.E. LOT, SAN FERNANDO, 1971 (N90E) RECORD 
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FIGURE B-lg. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR THE 
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FIGURE B-lh. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR THE 
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FIGURE B-li. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR 
THE GILROY ARRAY NO. 2, COYOTE LAKE 1979 (050) RECORD 
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FIGURE B-lj. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR THE 
CHOLAME ARRAY NO. 2, PARKFIELD 1966 (N65E) RECORD 
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GURE B-lk. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR 
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20^ 25^0 30 0 
FIGURE B-11. ACCELEROGRAM AND CORRESPONDING CUMULATIVE ENERGY FOR 
THE MELENDY RANCH BARN, BEAR VALLEY 1972 (N29W) RECORD 
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FIGURE B-2c. ELASTIC RESPONSE SPECTRA (T;^ < 2.5 SEC.) 
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FIGURE B-3a. ELASTIC RESPONSE OF It DAMPED, 2 , 5 AND 8 HZ OSCILLATORS 
TO THE OLYMPIA, WA., (1949) EARTHQUAKE (N86E) 
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FIGURE B-3b. ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS 
TO THE TAFT, KERN CO., 1952 EARTHQUAKE (S69E) 
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FIGURE B-3c. ELASTIC RESPONSE OF 1% DAMPED, 2, 5 AND 8 HZ OSCILLATORS TO THE 
EL CENTRO ARRAY NO. 12, IMPERIAL VALLEY, 1979 EARTHQUAKE (140) • 
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FIGURE B-3d. ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ 
OSCILLATORS TO THE NRC ARTIFICIAL EARTHQUAKE 
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FIGURE B-3e. ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS TO 
THE PACOIMA DAM, SAN FERNANDO, 1971 EARTHQUAKE (S14W) 
B-20 
l^A*'"/'^''* •**" ''•̂ '•W'. W-~-it- * r— 
•;^ 1 r r 1 1 
0 . 3 3 • 33 li 33 2<J 33 3 . . 33 1 0 . 3 0 116 30 
riNE ISECOND) 
fmnnfi^^'fUvt'' - K 
?1 1 — 
0.30 3 30 
J« 30 M T O O J'^.OO 43.00 Ij's 30 S6.30 fiV 00 72.00 I'o. 30 M . 00 
f lNE 'SECOND) 
y^ivytJo^-i^f* 
3 30 t o o I t 30 2^ 30 l i 30 1 0 . 3 0 11 30 l \ 00 t \ 30 I'j 30 10 
(IKE ISECOND) 
0 .30 IS 30 
B-3f . ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS TO THE 
HOLLYWOOD STORAGE P.E. LOT, SAN FERNANDO, 1971 EARTHQUAKE (N90E) 
B-21 
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FIGURE B-3g. ELASTIC RESPONSE OF 7% DAMPED, 2, 5 AND 8 HZ OSCILLATORS TO T H G | B 
EL CENTRO ARRAY NO. 5, IMPERIAL VALLEY, 1979 EARTHQUAKE (140) ^ 
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B-3h. ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS TO 
THE UCSB GOLETA, SANTA BARBARA, 1978 EARTHQUAKE (180) 
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FIGURE B - 3 i . ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS TO THE 
GILROY ARRAY NO. 2 , COYOTE LAKE, 1979 EARTHQUAKE (050) 
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B-3i ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS TO THE 
CHOLAME ARRAY NO. 2 , PARKFIELD, 1966 EARTHQUAKE (N65E) 
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FIGURE B-3k. ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS TO 
THE GAVILAN COLLEGE, HOLLISTER, 1974 EARTHQUAKE (S67W) 
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î .M--̂ vyvw'.' / 
0 00 1 30 8 30 12 33 16 30 20 00 21 33 26 03 3* 30 3 03 10 00 11 30 
TIME 'SELOND' 
3 30 1 00 
"" 100 Too 12 00 JS 00 jb 00 JToO 2< 00 92 00 96 00 IQ 00 ill 00 
TIME ISECOND) 
FIGURE B-3L. ELASTIC RESPONSE OF 7% DAMPED, 2 , 5 AND 8 HZ OSCILLATORS TO 
THE MELENDY RANCH BARN, BEAR VALLEY, 1972 EARTHQUAKE (N29W) 
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FIGURE B-4a. FOURIER SPECTRA OF EFFECTIVE ACCELEROGRAM 
SEGMENT DEFINED BY Ti = T„ - T ̂ . 
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(Continued) 
FIGURE B-4a. FOURIER SPECTRA OF EFFECTIVE ACCELEROGRAM 
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FIGURE B-4b. FOURIER SPECTRA OF EFFECTIVE ACCELEROGRAM 
SEGMENT DEFINED BY T^ = T^ - T ̂ ^ 
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(Continued) 
FIGURE B-4b. FOURIER SPECTRA OF EFFECTIVE ACCELEROGRAM 
SEGMENT DEFINED BY TJ = T^ - T Q^ 
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FIGURE B-4c. FOURIER SPECTRA OF EFFECTIVE ACCELEROGRAM 
SEGMENT DEFINED BY T' = T„ - T ̂c 
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FIGURE B-4c. FOURIER SPECTRA OF EFFECTIVE ACCELEROGRAM 
T SEGMENT DEFINED BY Tjj = T^ .05 
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FIGURE B-5a. CUMULATIVE SPECTRAL DENSITY FUNCTIONS OF EFFECTIVE 
ACCELEROGRAM SEGMENT DEFINED BY T^ = T^ - T Q^ 
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FIGURE B-5a. CUMULATIVE SPECTRAL DENSITY FUNCTIONS OF EFFECTIVE 
ACCELEROGRAM SEGMENT DEFINED BY TA = T - T ^^ 
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FIGURE B-5b. CUMULATIVE SPECTRAL DENSITY FUNCTIONS OF EFFECTIVE 
ACCELEROGRAM SEGMENT DEFINED BY T^ = T„ - T .̂̂  
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FIGURE B-5c. CUMULATIVE SPECTRAL DENSITY FUNCTIONS OF EFFECTIVE 
ACCELEROGRAM SEGMENT DEFINED BY T^ = T̂ ^ - T ̂ ^ 
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APPENDIX C 
TECHNICAL BACKGROUND ON EQUIVALENT LINEAR RESISTANCE 
FUNCTION MODELS 
An equivalent linear resistance function model is developed to 
replace the actual resistance function (Figure 3-1). This equivalent 
model should be capable of approximating the reduced stiffness and 
increased hysteretic loop damping associated with a nonlinear response 
cycle. Figure C-1 shows one such nonlinear cycle from peak negative 
displacement to peak positive displacement. During this cycle, the 
equivalent stiffness is K given by: 




where (Vp^y) is the n-cycle peak nonlinear displacement in one direction 
and (y *S )"is the preceding peak nonlinear displacement in the opposite 
direction. 
With the equivalent linear resistance function approach, one must 
also estimate an effective damping ratio. With c defined by Equation 3-5, 
the total energy dissipation, E within a half-cycle oscillation (i.e., 
from peak response in one direction to peak response in the other 
direction) as shown in Figure C-1, can be given by: 
9 7 
TTK e(y + y +) 6 
E„ - ° " 7 '' * 4E„ (C-2) 
C-1 
where K is the effective linear stiffness from peak-to-peak, y„ is the 
ductility level in one direction for that response cycle, yp*is the 
immediately preceding ductility level in the opposite direction, & is the 
yield displacement and AE^ is the half-cycle hysteretic energy dissipation 
as defined by Figure C-1. This total energy dissipation in a half-cycle 
can be rewritten in terms of an effective inelastic damping, &-
2 .2 
^K^6„(y„ + y„*) 6 
e e (C-3) 
where the effective damping is given by: 
(C-4) 
in which e^ represents an equivalent viscous damping to account for the 
one-half cycle hysteretic energy dissipation as given by: 
4AE. 
"n 
IfK̂ d̂ r, + tĴ *) 5y 
(C-5) 
e"^n n' 
For the shear wall resistance function shown in Figure C-1, the 
half-cycle hysteretic energy dissipation can be obtained from: 
2 
y 
AE„ = KS^Cl-s)! (y^ + y^* - 2X) 
-h -^ + y„* (Y + 1) - (2X + Y) 
(C-6) 
l-s(l-a)(y„* - 1) 
C-2 
where 
1 + (s + a - Sa)(y^* - 1) 
1 + S(y^* - 1) 
Y = (1 - a) (1 - S) 
and a and Y are the unloading stiffness parameter and strength degradation 
parameter, respectively, as defined in Figure 3-3. 
A large number of nonlinear resistance-deformation diagrams were 
developed for the 4 frequencies and 12 earthquake time histories 
considered in this study at various maximum ductility ratios, y, from 1.5 
to 5. A limited number of these diagrams are shown in Figures 4-4 through 
4-9. Based upon these resistance-deformation diagrams, it was observed 
that: 
P, - (y) "/' 
~/ Jn-1)/N ^̂ "̂ ^ 
vi-^^) 
* ^ (,)(n-0.5)/N 
n̂ 
where N is the number of strong nonlinear cycles through the time of 
maximum ductility, y . With these approximations, the effective stiffness 
and effective damping associated with any individual nonlinear cycle can 
be estimated by use of Equations C-1 through C-6. The effective 
frequency, f , can be obtained by substituting K- for K in Equation 3-4. 
The cycle with the lowest effective stiffness. Kg, and effective 
frequency, f , and the largest effective damping, 6 corresponds to the 
last strong nonlinear cycle at which y is reached (n=N). Table C-1 
presents estimates for the secant and effective frequency ratios, and 
C-3 
hysteretic and effective damping percentage for this largest nonlinear 
cycle as a function of number of strong nonlinear cycles, N, based upon 
the approximations of Equation C-7. Note that the effective frequency 
associated with the maximum nonlinear response cycle reduces only slightly 
as the number of strong nonlinear cycles through the maximum cycle (N) is 
increased from one to four. Even with only one strong nonlinear cycle, 
the effective frequency associated with the maximum nonlinear cycle is 
only 11% greater than the secant frequency for y = 4.27 and approaches 
the secant frequency closer as N increases. Thus, for the maximum 
nonlinear cycle, the secant frequency only slightly underestimates the 
effective frequency. 
The hysteretic damping percentages,6u , and total effective 
N 
damping percentages,6„ , associated with the maximum nonlinear response 
N 
cycle increase as N is reduced from 4 to 1. For N=l, the hysteretic 
damping is considerably greater than for N of 2 and more. 
The effective frequency and hysteretic damping in Table C-1 for 
the largest nonlinear response cycle (n=N) can be approximated by: 
(*)••§ (C-8) 
6 H , = ' = N N O - (fs/f)) (C-') 
where 
SN = 0.55 
CNN = 0.38 
N̂N - 0-34 
(N=l) 
(N=2) 
(N=3 and 4) 
(C-10) 
c-4 
Similarly, for elastic response cycles (n=0): 
(f /f) = 1.0 (C-11) 
^ e 'o 
s, = 0 (C-12) 
For any intermediate response cycles (0<n<N), the effective frequency lies 
between the elastic and the secant frequency and the hysteretic damping B|̂  
lies between Q^, and zero. 
"N 
The equivalent linear resistance function model used for 
computing peak response must represent some average of the effective 
frequencies for the various linear and nonlinear cycles loading up to peak 
response. One might define this average effective frequency, f', by: 
^ = (1-A) + A(l-f3/f) ^̂ -̂ ^̂  
where A is an empirically determined coefficient which lies between 0 
(elastic) and 1.0 (secant). This coefficient would be expected to be 
about 0.5 for N=l (midway between the frequency of the elastic cycles and 
the one strong nonlinear cycle) and should increase with increasing 
numbers of nonlinear cycles. Furthermore, the coefficient A is expected 
to increase with increasing ductility ratios. 
The equivalent linear resistance function model should retain 
the same energy dissipation capability as the actual model. Using 
Equation C-3 to define the energy dissipation capability of each model, 
the equivalent elastic model must have an effective damping, Bg, given by: 
C-5 
, I 
e ' SN^^' f^/f)] (C-14) 
to be equivalent to the largest nonlinear cycle of the actual model when 
both go from a displacement of -yto +y. Equation C-14 can be rewritten 
as: 
' SN^I- f,/f) (C-15) 
by noting that (K /K' ) = (f /f r . Actually, Equation C-15 will over-
state B ' because the last nonlinear cycle has the greatest hysteretic 
damping while 6' should express an average damping level during the strong 
portion of the response time history leading up to the time of peak 
response. To correct this deficiency. Equation C-15 should be replaced 
by: 
I - ^ 6 + Ĉ (l- f3/f)] (C-16) 
where Cĵ  is an empirically determined coefficient which should have a 
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FIGURE C-1. HALF-CYCLE HYSTERETIC ENERGY ABSORPTION • 
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APPENDIX D 
PARAMETER STUDIES TO DETERMINE SENSITIVITY OF 
NONLINEAR RESPONSE RESULTS TO PROPERTIES OF THE 
RESISTANCE FUNCTION MODEL 
This appendix presents the results of a few sensitivity studies 
performed to determine the sensitivity of nonlinear results to properties 
of the resistance function model. The purpose of these analyses is to 
demonstrate that the shear wall resistance function properties used in 
this study tend to conservatively underestimate the input scale factor 
(inelastic deamplification factor), F. Therefore, the results presented 
in Chapter 4 tend to be conservative for other model properties. This 
appendix was written with the assumption that the reader has carefully 
reviewed Chapters 3 and 4 and does not repeat discussions contained in 
those chapters. 
D.l INFLUENCE OF NONLINEAR RESISTANCE FUNCTION TYPE 
Figure 3-1 compares the bilinear, Takeda, and shear wall 
resistance functions. It can be seen that for the same ductility level, 
the Takeda and shear wall model dissipate less hysteretic energy in a 
given nonlinear cycle than does the bilinear model. Thus, one would 
expect the Takeda and shear wall models to have similar input scale 
factors, F, for a given ductility level and for the bilinear model to 
have a significantly higher input scale factor, F. To demonstrate this 
expectation, the F factors were determined for the Parkfield record for 
low and high ductility factors of y = 1.85, and y = 4.27, respectively, 
for a 5.34 Hz structure model with bilinear, Takeda, and shear wall 
resistance functions. For all three resistance functions, the slope 
parameter of the post-yield loading curve was s = 0.1. For the Takeda 
and shear wall resistance functions, the unloading stiffness parameter 
D-1 
was a = 0.35, and the strength degradation parameter was Y = 0.95. The 
only difference between the Takeda and shear wall resistance functions 
was the pinched behavior of the shear wall model. The resulting F 
factors were: 
Ductility Level 
Input Scale Factor, F 









The conclusion is that the shear wall resistance function model 
conservatively underestimates the input scale factor, F, for the Takeda 
and bilinear models. 
D.2 COMPARISON OF NONLINEAR RESPONSE FOR SHEAR WALL VERSUS 
BRACED-FRAME MODEL 
Diagonal bracing elements are the primary lateral force-carrying 
elements in braced-steel frames. For nuclear structures, such elements 
are usually angles, wide flange sections or standard weight or extra-
strong steel pipe with diameters ranging from 6-12 inches. The limiting 
behavior of braced elements with adequate connections is governed by 
yielding in tension and inelastic buckling in compression. When employed 
as frame bracing elements for resisting reversing lateral loads, the 
braces can become subjected to severe axial cyclic loading causing the 
braces to sequentially buckle and stretch inelastically. Tests indicate 
that the overall lateral force-displacement behavior of a braced frame is 
also characterized by pinched hysteresis loops. The degrading, pinched 
D-2 
character of these loops is due primarily to the inelastic behavior of 
the individual braces under cyclic loading. During a cycle, once the 
tension diagonal has inelastically lengthened and while the compression 
brace has buckled upon load reversal, the system is softened until the 
buckled braced is restraightened and its axial stiffness is recovered. 
The axial stiffness of a buckled brace is smaller than the stiffness of a 
straight member. The capacity of a member in compression is also greatly 
reduced, either due to its bowed shape or previous inelastic strain 
history. A lateral load-displacement diagram obtained during a structural 
frame test is shown in Figure l-9b which illustrates the reverse cycle 
hysteretic behavior characterized by stiffness degradation and pinching 
of the resulting hysteresis loops. 
The number of investigations involving reversing load tests of 
braced-frame systems is very limited. Wakabayashi (1973, 1977)* has 
summarized the laboratory testing conducted on braced frames in Japan. 
Maison (1980) and Popov (1980) have reported testing on half-scale and 
one-sixth scale model braced frames. The hysteresis behavior of bracing 
members under cyclic axial loading has been reported by several investi-
gators (Jain, 1980, 1978b; Gugerli, 1980; Popov, 1979, 1981). 
To investigate the effect of the braced-frame resistance 
function, an example, one-story, single bay, braced-steel-frame was 
defined, as indicated in Figure D-1. The example structure was modeled 
directly with DRAIN-2D, utilizing the hysteresis model for steel members 
developed by Jain (1979) and included in the DRAIN-2D program (Jain and 
Goel, 1978a). Buckling element, EL9, developed originally by Singh 
(1977), and modified by Jain (1978a), was utilized to model the yielding 
and post-buckling behavior of the pin-connected bracing element (8" 
diameter pipe) defined for the example braced frame. The cyclic loading 
behavior of the frame model, obtained using DRAIN-2D, is also shown in 
Figure D-1. As can be noted, the model reflects the pinched, degrading 
stiffness behavior noted in testing of braced-frame structures. 
* All references in this appendix are listed in the Reference list for 
the main body of this report. 
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Input scale factors, F, were obtained for both the shear wall 
and the braced-frame resistance function models with a 5.34 Hz elastic 
frequency and 7% elastic damping. The following input scale factors were 
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5.34 Hz Structure 


















One may note that for the Melendy Ranch record, the input scale 
factors are essentially identical for the shear wall and braced-frame 
models. However, for the Taft record, the braced-frame model results in 
significantly greater input scale factors than does the shear wall model. 
Basically, the braced-frame model does not show as much degradation in 
stiffness or pinched behavior as does the shear wall model. 
In Chapter 4, it was shown for shear walls that the predicted 
input scale factor (inelastic deamplification factor), F^, was influenced 
by the number of strong nonlinear response cycles, N, and thus by the 
strong motion duration, TQ. It was recommended that F^ could be best 
predicted by Equation 4-3 for shear walls. This equation depends upon 
the estimate of an effective frequency and an effective damping using 
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coefficient Cp and C^ from Table 4-2. These coefficients are shown to be 
a function of N for shear walls. However, for braced-frame and bilinear 
models, the Fy does not appear to be as much influenced by N. To investi-
gate this effect, the coefficients Cp = 1-5 and C^ = 0.30 for N=l were 
used for the Taft and Parkfield records. The predicted scale factors, Fy, 
for the recommended procedure (Equation 4-3 and Table 4-2) for shear walls 
is compared with the predicted scale factors obtained for 1) Equation 4-3 





Predicted Input Scale Factor, F, 
for 5.34 Hz Structures 
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Predicted Input Scale Factor, F, 
for 5.34 Hz Structures 
y|_ = 4.27 
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Except for the low ductility (y^ = 1.85) Parkfield record case, 
the Fy predicted by Equation 4-3 and Table 4-2 underestimates the 
nonlinear time history analysis computed F values for braced frames and 
bilinear structures for the Taft and Parkfield records. For Melendy 
Ranch, Equation 4-3 and Table 4-2 accurately predict the time history 
computed F values for braced frames. On the other hand, the use of 
Equation 4-3 with the N=l values of Cp = 1.50 and C N = 0.30 consistently 
overpredicts the time history computed F values for braced frames for the 
Taft and Parkfield records. This brief study suggests the F values for 
braced frames and bilinear structure models lie approximately midway 
between the Fy values predicted using the Cp and C M values of Table 4-2 
and those predicted with Cp = 1.50 and C^ = 0.30 
The Iwan method consistently severely overpredicts (unconserva-
tive) the time history computed F values for braced frames for the reasons 
discussed in Chapter 4. The Sozen method is less accurate than Equation 
4-3 and Table 4-2 in predicting F values for braced frames for the reasons 
discussed in Chapter 4. 
The conclusion of this brief study is that the C F and C N values 
given in Table 4-2 for shear wall structures overemphasize the importance 
of strong motion duration, Tp, on Fu for braced-frame and bilinear 
structure models. For this reason, the use of Cp and C N values from 
Table 4-2 will tend to underpredict (conservative bias) the Fy values for 
the longer duration records (N i 2 ) . This underprediction occurs because 
the braced-frame and bilinear models do not have as severe of stiffness 
degradation and pinched behavior as do the shear wall models used in this 
study. For braced-frame and bilinear models, a better estimate of Fy can 
be obtained by averaging the Fy values obtained for Cp and C^ values from 
Table 4-2 with those obtained for Cp = 1.50 and Ĉ j = 0.30. 
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D.3 INFLUENCE OF RESISTANCE FUNCTION COEFFICIENTS a AND s 
The detailed shape of the shear wall resistance function is 
significantly influenced by the coefficients a and s where s represents 
the ratio of the post-yielding stiffness to the initial stiffness (Figure 
3-1) and a represents the degradation in stiffness on unloading (Figure 
3-3) with a = 0 indicating no unloading stiffness degradation and 
increasing a indicating increased unloading stiffness degradation. 
Most real structural systems have an s ratio between about 0.03 
and 0.15. Previous studies have indicated variations of s between 0.03 
and 0.15 has little effect on the computed ductility level so long as y is 
less than about 5. For this reason, s = 0.10 which is midway within this 
normal range was used in this study. For a given ductility, the input 
scale factor, F, is not expected to increase significantly for s from 0.03 
to 0.15. However, as s increases beyond about 0.15, the F value is 
expected to begin to increase significantly for a constant ductility 
ratio. This is demonstrated by the following table which tabulates the 
time history F values required to develop y, = 1.85 for a shear wall 
resistance function structural model with an elastic frequency of 5.34 Hz 


















It is concluded that s = 0.10 gives input scale factors, F, which 
are accurate for the range OfslO.15. However, the F values obtained for a 
resistance function with s = 0.10 will be increasingly conservatively low 
as s is increased beyond 0.15. 
Next, the influence of stiffness degradation on unloading was 
studied. For this study, a was assigned values of 0.0, 0.35, and 0.50 
which covers the range from no unloading stiffness degradation to very 
severe unloading stiffness degradation. The shear wall resistance 
function model with an elastic frequency of 5.34 Hz was subjected to the 
Parkfield record with an input scale factor of 1.21 and the following 









It was concluded that increases in unloading stiffness degrada-
tion actually resulted in a trivial reduction in the ductility factor. 
The use of an unloading degradation coefficient of a = 0.35 produces 
results which are representative for the full practical range of 
0ial0.50. 
D.4 INFLUENCE OF ELASTIC DAMPING 
Riddell (1979) has shown increases in elastic damping result in a 
reduction in the inelastic spectral deamplification factor, F . The 
methods recommended in this report (Equations 3-14 or 4-3) will also 
result in a lesser Fy value with increased elastic damping. This 
situation results because both elastic damping and inelastic response are 
energy dissipation mechanisms and absolute addition of the two effects 
D-8 
will overstate the total reduction in response. Therefore, the input 
scale factors (inelastic deamplification factors) presented in Chapter 4 
for 7 percent elastic damped structures are conservatively low for struc-
tures with less than 7% damping. This point is illustrated by computing 
the input scale factors, F, for ductilities of 1.85 and 4.27 for an 
elastic structural frequency of 5.34 Hz with 3% elastic damping for the 
Taft, Artificial, and Melendy Ranch records. These 3% damped F values 
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The above table also shows the inelastic deamplification factors 
predicted by Equation 4-3 with coefficients from Table 4-2. The effective 
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y = 1.85 








y = 4.27 








Note that for these six cases (2 ductilities, 3 records, 1 
frequency) which represent a subset of the 96 cases (2 ductilities, 12 
records, 4 frequencies) studied in Chapter 4 to develop Equation 4-3 and 
Table 4-2, the recommended prediction approach does as good a job of 
predicting the computed F values at 3% elastic damping as it did at 7% 
elastic damping. At 7% elastic damping, the ratio of predicted to 
computed F values has a mean of 1.02 and a COV of 0.08 for these six 
cases. At 3% elastic damping, this ratio has a mean of 0.99 and a COV of 
0.09 for these six cases. 
Two conclusions are reached from this brief study: 
1. The inelastic deamplification factors are larger at 3% 
elastic damping than at 7% elastic damping. Thus, F 
factors generated for 7% elastic damped structural models 
can be conservatively used for structures with damping 
values less than 7%. 
2. The recommended prediction method (Equation 4-3 and Table 
4-2) works equally well for structures with 3% elastic 
damping as it does for 7% elastic damping. 
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(a) Structure Model Definition 
b) Cyclic Loading Behavior Using DRAIN-2D Bracing Element 9 (Jain, 1978a) 
FIGURE D-1. BRACED-FRAME STRUCTURE MODEL 
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STRUCTURAL EVALUATION OF EL CENTRO STEAM PLANT UNIT 4 
SUBJECTED TO THE 1979 IMPERIAL VALLEY EARTHQUAKE 
E.l INTRODUCTION 
The El Centro Steam Plant located in the northeast portion of 
El Centro, was subjected to peak horizontal ground accelerations estimated 
to be about 0.5g (Reference E-1) as a result of the 1979 Imperial Valley 
earthquake. This plant consists of four units. The seismic design basis 
for Units 1, 2 and 3 built in 1949, 1952 and 1957, respectively, is 
unknown. However, review of the project specifications for Unit 4, which 
was built in 1968, indicates that the steel framing was designed for a 
lateral static equivalent seismic loading of 0.2g (dead and live loads). 
Even though the El Centro Steam Plant was subjected to earthquake ground 
motion that was about 2.5 times the design seismic loading, there was 
only minor damage observed at the plant following this earthquake. The 
purpose of this evaluation is to correlate predicted structural damage 
with observed structural damage for the El Centro Steam Plant Unit 4 
subjected to the 1979 Imperial Valley earthquake. 
Analyses of Unit 4 of the steam plant have been reported in 
References E-1 and E-2. However, neither of these evaluations were 
conducted for the express purpose of correlating predicted and observed 
structural damage. The analysis presented in Reference E-1 was performed 
for the purpose of estimating equipment response levels and was based on 
a simple structural model. There was no evaluation of structural response 
and capacities in this reference. The analysis presented in Reference 
E-2 was conducted to demonstrate that a particular set of conservative 
design criteria would produce analytical results which would overpredict 
observed Unit 4 structural response. This analysis was based on a 
detailed three-dimensional model of the Unit 4 structure but which ignored 
soil-structure interaction effects. Data from each of these references 
have been used in the preparation of this report. 
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The evaluation of the El Centro Steam Plant as presented herein 
is based on a relatively detailed structural model which incorporates 
soil-structure interaction effects. Structural response is calculated 
with this model by an elastic response spectrum analysis. The seismic 
excitations are taken from response spectra computed from measured accel-
eration time histories recorded close to the steam plant site. The calcu-
lated structural response is then compared to code-specified ultimate 
capacities (i.e., from AISC Part 2 and ACI building codes) of structural 
members and elements to assess predicted structural behavior. The pre-
dicted structural behavior is then, in turn, compared with observations 
of the plant following the earthquake in order to demonstrate how behavior 
calculated from an elastic structural analysis based on elastic spectra 
anchored to peak acceleration from recorded motions correlates with actual 
observed behavior of this structure. 
E.2 DESCRIPTION OF THE STRUCTURE 
The El Centro Steam Plant consists of four units that generate 
power by burning oil or natural gas (Figure E-1). Units 1, 2 and 3 were 
designed by Gibbs and Hill and built in 1949, 1952 and 1957, respectively. 
Unit 4, the newest and largest with an 80 MW electric output, was designed 
by Fluor Corporation, Ltd. and built in 1968. Combined output of all four 
units is 174 MW. Each unit of the plant is structurally independent and 
contains three structures: a turbine building, a turbine pedestal and a 
boiler structure. Each of these structures is founded on a single 12.2 
foot-thick hollow, honeycomb-like reinforced concrete foundation with 
plan dimensions of 96 by 207 feet. Soil at the site consists of very 
deep alluvial deposits composed of stiff to hard clays interlain with 
laminations of sllty clay loam and sandy loam (Reference E-1). Cross 
sections of Unit 4 are shown in Figures E-2 and E-3 and a plan view of 
the ground floor is shown in Figure E-4. 
The Unit 4 turbine building is a moment-resisting steel frame 
with reinforced concrete shear walls cast monolithically with the exterior 
steel frames on the east, west and south sides of the building. The 
turbine building has plan dimensions of 93 feet by 128 feet and a maximum 
E-2 
height of 55 feet. As shown in Figures E-3 and E-4, the turbine building 
has four bays: auxiliary, heater, turbine and service. An operating 
floor 20 feet above the ground floor extends through all four bays. This 
floor contains a large opening for the turbine pedestal structure. There 
is also a floor in the heater bay 14 feet above the operating floor. 
Both the operating and heater bay floors are constructed of metal decking 
and concrete fill. Covering the auxiliary and heater bays is a roof of 
metal decking and concrete fill. The roof covering the turbine and 
service bays is composed of gypsum decking and composition roofing. 
The Unit 4 turbine pedestal is a reinforced concrete frame that 
supports the turbine generator. The pedestal is located within the 
turbine building but is isolated from the building by a one-inch expansion 
joint at the operating floor. The pedestal has plan dimensions of 68 
feet by 23 feet and is 20 feet high. 
The boiler structure for Unit 4 is a braced-steel frame with 
plan dimensions of 31 by 51 feet and a height of 97 feet. The boiler 
structure and the turbine building are connected along Column Line G 
between Column Lines 15 and 16. The boiler is suspended from girders at 
the top of the steel frame. Lateral support for the boiler is provided 
by seismic stops at various elevations of the frame. The boiler 
structure also supports a steel stack. 
E.3 EARTHQUAKE GROUND MOTION 
On October 15, 1979, a strong earthquake shook the Imperial 
Valley of California. As reported in Reference E-1, this earthquake had 
a local magnitude M̂ ,̂ of 6.6 and a surface wave magnitude, M^, of 
6.9. The earthquake produced 30 km of predominantly strike-slip rupture 
along the Imperial Fault (Figure E-5). There were many aftershocks, 
three of which exceeded M, = 5 within the first 8 hours. 
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As a result of the 1940 El Centro earthquake and other smaller 
earthquakes, the Imperial Valley was extensively instrumented by a network 
of strong motion accelerometers. A 13 station linear array straddling 
the fault and passing through El Centro is shown in Figure E-5. Included 
in this array is Station No. 9, the original instrument that recorded the 
1940 El Centro ground motion record. Also of interest, is a digital 
recording differential array installed by the U.S. Geological Survey about 
two weeks before the 1979 earthquake in a large vacant lot near Unit 4 of 
the El Centro Steam Plant. Unfortunately, there were several malfunctions 
in the operation of this system such that useful data was not obtained 
from most of the instruments in this array. However, a good record was 
obtained from the instrument labeled No. 5165 El Centro Differential 
Array installed in a small building at the south end of the array. 
The El Centro Steam Plant is located between Stations No. 8, 
No. 9 and the Differential Array as shown on Figures E-5 and E-6. 
Stations 8, 9 and 5165 are about 4,000, 3,800 and 2,400 feet from Unit 4 
with Station 8 closest to the Imperial Fault and Station 9 furthest from 
the fault. Station 5165 is located at about the same distance from the 
fault as the steam plant although this instrument is closer to the earth-
quake epicenter. Good ground motion records were obtained for this 
earthquake at Stations 8 and 5165. Because of the age of Station No. 9, 
there was difficulty in obtaining a complete time history from this 
instrument. Also, there are questions about the free-field nature of 
Station No. 9 because it is situated on a large foundation. 
For this evaluation, a digitized corrected version of the 
recorded time history from Station 5165 was used as input excitation for 
the analysis of the El Centro Steam Plant Unit 4 as reported herein. It 
is believed that this record is a reasonable estimate of the ground motion 
at the steam plant site for the following reasons: 
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a. The steam plant appears to be within a zone along the 
Imperial Fault where ground motion is relatively constant. 
Large attenuation of the ground motion is not seen until 
Station No. 10 located much further away from the fault. 
Recorded ground motion for the 1979 Imperial Valley Earth-
quake at Stations 7 through 10 and 5165 are summarized in 
Table E-1. 
b. A Wilmot Seismoscope with a period of 0.75 sec. situated at 
the bottom floor of the steam plant itself registered a 
maximum response displacement of 6.57 cm and a maximum 
response velocity of 55 cm/sec. These are approximately 
equivalent to the maximum responses at 0.75 sec. period and 
10% damping computed from the horizontal time histories at 
Station 5165. The seismoscope is believed to have a 
damping of about 10%. 
The critical elements of the Unit 4 structure are primarily 
sensitive to horizontal lateral forces and thus this evaluation considered 
only the horizontal components of earthquake ground motion. The time 
histories and response spectra of the north-south and east-west components 
from Station 5165 are illustrated in Figures E-7, E-8, and E-9. Note 
that in Figures E-7 and E-8, the 7 percent damped spectra from Station 
5165 and Reg. Guide 1.60 (Reference E-6, anchored to the peak acceleration 
from Station 5165) are compared. The spectra from the recorded earthquake 
motion generally fall below the Reg. Guide 1.60 spectra with the exception 
of the region between about 5 and 9 Hz where the east-west motion spectrum 
from Station 5165 is greater than the Reg. Guide spectrum. The strong 
motion duration, Tfj, defined in the manner described in Chapter 2 (i.e., 
"•"[) " "laximum of Tp̂ ^ or T0.75 minus T0.05 where TQ.QS and T0.75 
are the times associated with 5 and 75 percent of the total cumulative 
energy for the record and Tp̂ ^ is the time associated with the first 
zero crossing of the accelerogram following the maximum positive or 
negative acceleration, whichever occurs later in time) are 2.8 seconds 
for the north-south motion and 3.7 seconds for the east-west motion. 
Qualitatively, the Station 5165 motions are moderate duration records. 
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E.4 EARTHQUAKE DAMAGE 
An NRC reconnaissance team visited the steam plant shortly after 
the earthquake struck. Lawrence Livermore National Laboratory (LLNL) 
personnel visited the site on March 18, 1980. At the request of LLNL, a 
representative of Structural Mechanics Associates, Inc. (SMA) inspected 
the plant and examined the plant log book for the day of the earthquake 
and for the following day in August, 1980. Based upon the data gathered 
from these site visits, a record of the damage incurred at the steam 
plant during the earthquake was presented in Reference E-1. A brief 
summary of the observed damage extracted from this reference is presented 
in this section. 
When the earthquake occurred. Units 3 and 4 of the El Centro 
Steam Plant were operating and Units 1 and 2 were shut down for mainten-
ance. The operating units tripped off line when station power was lost 
because of a short circuit resulting from a broken insulator in a light-
ning rod in Unit 1. Unit 3 was restored to service within 15 minutes 
following the main shock and Unit 4 was restored to service within 2 
hours. Much of the time was spent by plant personnel inspecting for 
damage. Later in the day and during the following day, both Units 3 and 4 
were removed from service to repair piping. 
No significant structural damage was observed. Minor concrete 
cracking was generally apparent throughout the plant. More significant 
cracking, on the order of 1 in., was observed at a junction of a floor 
diaphragm high in the structure and the turbine building shear wall. In 
addition, concrete cracks were observed at upper elevations between the 
various units, where larger deflections would be expected. However, in 
all cases, this cracking was local in nature and overall structural 
integrity was maintained. Structural steel, for the most part, was not 
permanently deformed as a result of the earthquake. Significant stressing 
was apparent on some members through observations of cracked paint on 
structural sections and the gouging of metal near connections. 
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One of the few areas where structural damage was observed was the 
Unit 4 boiler, which is hung in a pendulum fashion using rods supported 
by a braced frame. Lateral seismic restraints are mounted on the braced 
frame to minimize excessive motion of the freely supported boiler. 
Travel through the restraint gap was evidenced by paint chipping in the 
area and permanent deformation of the restraint. In addition, four 
diagonal bracing members on the boiler frame buckled (Figure E-10), 
apparently due to excessive compressive loads. These diagonals were 
later replaced. 
E.5 ANALYTICAL APPROACH 
The structural evaluation of El Centro Steam Plant Unit 4 has 
been conducted using an analytical approach which is consistent with that 
used for the design of many critical facilities. The structural model 
consists of beam elements and lumped masses representing the stiffness 
and inertial characteristics of the structure. Soil springs and radiation 
damping have been used to account for soil-structure interaction. Seismic 
response has been computed by a response spectra dynamic analysis 
employing modal superposition using the SMA version of computer program 
MODSAP. The computed response is compared with code specified ultimate 
capacities (i.e., ACI or AISC Part 2) to evaluate predicted behavior. 
Details of the analytical method are briefly described below. 
The structural model consisting of 44 nodes, 67 beam elements 
and 5 spring elements is illustrated in Figure E-11. This model is 
capable of considering both north-south and east-west input motions 
simultaneously. As mentioned previously, because the critical elements 
of this structure are primarily sensitive to horizontal loads, neither 
vertical dynamic loads nor dead and live loads were considered. In the 
model shown in Figure E-11, Beam Elements 1 through 19 represent the 
boiler structure. Beam Element 44 represents the turbine pedestal and the 
remaining beam elements represent the turbine building with Beam Elements 
17, 18 and 19 at the structural connection of the turbine building and 
the boiler structure. Spring Elements 1 through 5 represent transla-
tional and rotational soil stiffnesses. Nodal coordinates and beam 
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section properties and connectivities are given on Tables E-2, E-3 and 
E-4. Lumped masses and rotational inert ias are presented in Table E-5. 
These include weights of structural members and equipment tr ibutary to 
each node. Units are kips and inches for these tables. Note that the 
coordinate system used is shown in Figure E-11, X = east-west, Y = north-
south and Z = ver t i ca l . 
For north-south seismic excitat ion, the reinforced concrete shear 
walls at Column Lines A and G and the steel frame along Column Lines B, E, 
F and Ĥ  are represented by vert ical beam elements and diaphragms 
provided by f loors , roofs and horizontal braced frames are represented by 
horizontal beam elements at the appropriate elevations connecting north-
south column lines together structural ly. In th is manner, the d is t r ibu-
t ion of seismic-induced forces along each column line accounting for 
relat ive r ig id i t i es and torsion is Included in the model. 
For east-west seismic excitat ion, the Unit 4 turbine building 
and boiler structure are a symmetrical moment-resisting steel frame and a 
braced steel frame, respectively, with the exception of the shear wall 
along Column Line 17 on the south side of the turbine building. As a 
resu l t , the vert ical beam elements at Column Lines A through Ĥ  have 
lumped properties for east-west direction excitation corresponding to the 
cumulative stiffness of the structural steel members In the turbine 
building (columns) and boiler structure (braced frame) of Column Linds 
14, 15, 16 and 17. In addition, vert ical beam elements representing the 
south shear wall are included in the model at a southward offset from the 
elements representing the steel members equal to one-half the building 
width. For east-west motion, horizontal members represent diaphragms 
structural ly connecting the shear wall to the steel frame and girders 
running in the east-west direct ion. Note that torsional stiffness of the 
boiler structure is included in this model. For east-west shaking, the 
structural model properly accounts for the relat ive r i g i d i t y and torsion 
of the steel frame and south shear wal l . 
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The boiler is suspended from the top of the boiler structure and 
will act as a pendulum under lateral seismic motion with little effect on 
structural response prior to impact with seismic restraints. When the 
combined displacements of the boiler and supporting structure are 
sufficient to overcome the seismic gaps provided, the lateral response of 
the boiler will influence the response of the structure. The boiler did 
impact and damage the seismic restraints and the mass of the boiler has 
been lumped to various nodes of the boiler structure for this evaluation. 
Energy dissipation within the structures due to material and 
structural damping has been represented by specifying equivalent viscous 
damping in accordance with the U.S. NRC Regulatory Guide 1.61 (Reference 
E-7) used for design of nuclear power plants. For the evaluation of 
seismic-induced loads throughout the structure, 7 percent of critical 
damping has been utilized. From the Regulatory Guide, this damping is 
appropriate for reinforced concrete (predominant behavior of turbine 
building and turbine pedestal) and bolted steel structures (boiler 
structure) subjected to Safe Shutdown Earthquake (SSE) motion. Soil 
damping is predominantly the loss of energy through propagation of elas-
tic waves from the immediate vicinity of the foundation (i.e., radiation 
of energy from the structure to the surrounding soil). Radiation damping 
has been evaluated in the manner described below. 
In this evaluation of the El Centro Steam Plant, soil-structure 
interaction is accounted for in an identical manner to that used in 
Reference E-1. By this approach, the soil was treated as an elastic 
half-space and soil springs and dashpots were developed using the rela-
tions in Reference E-3. The complex-shaped foundation was transformed to 
an equivalent rectangle with equal area for calculational purposes. Soil 
stiffnesses and dampings are based on soil shear wave velocity of 650 fps 
and shear modulus of 1600 ksf as average strain-compatible values over a 
depth equal to the foundation width as reported in Reference E-1. The 
resulting soil stiffnesses evaluated by this approach are represented in 
the analytical model by soil spring elements attached to the rigid ground 
E-9 
floor-foundation elements as shown on Figure E-11. Values for soil s t i f f -
nesses are presented in Table E-6 for soil spring element 1 through 5. 
The resulting soil dashpot constants representing soil radiation damping 
are Incorporated into this evaluation by calculating the fraction of 
c r i t i ca l damping for each soil response mode ( i . e . , s l id ing , rocking and 
torsion) and u t i l i z ing these soil damping values along with structural 
damping to determine modal damping values such that a response spectrum 
dynamic analysis maty be performed. Soil damping ratios are evaluated 
from the assumption of a r ig id structure resting on an elastic half-space 
such that the soil stiffness and structural mass are used to convert soi l 
dashpot constants to fractions of c r i t i ca l damping. Fractions of c r i t i ca l 
damping in each soil response mode ( i . e . , associated with soi l spring 
elements 1 through 5) are presented in Table E-6. 
The soil-structure interaction approach employed for this evalua-
tion of the El Centro Steam plant is an approximate method including 
several simplifying assumptions. The treatment of the soi l as an elastic 
half-space Ignores layering in the underlying soil which could poten-
t i a l l y reduce the radiation damping from that corresponding to an elastic 
half-space. The foundation for the El Centro steam plant is embedded 
about 12 feet . Embedment effects on soil-structure interaction have been 
ignored herein. Also, frequency-independent relations for soil stiffness 
and damping are provided in Reference E-1 which are approximations within 
a certain frequency band since these soil Impedance functions vary with 
frequency. Furthermore, the conversion from soil dashpot value to frac-
tion of c r i t i ca l damping depends upon an assumed frequency. As mentioned 
above, this conversion was accomplished at frequencies corresponding to 
single-degree-of-freedom osci l lators in which the r ig id structural mass 
or rotational inert ia is supported by the various soil spring stiffnesses. 
In spite of the simplifications employed for so11-structure Interaction 
in this evaluation, i t is judged that adequate estimates of soil stiffness 
and damping at the frequencies of the soil-structure system ( i . e . , at 
frequencies between 3.5 and 5 Hz) have been obtained for this evaluation 
of the steam plant. 
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For response spectrum dynamic analyses, i t is necessary to 
evaluate modal damping. To determine equivalent modal damping, beam 
elements were assigned 7 percent of c r i t i ca l damping and soil spring 
elements were assigned the radiation damping values l isted in Table E-6. 
Composite modal damping values were then computed by an approach assuming 
that element damping is proportional to the element stiffness for each 
element. However, modal damping values were not permitted to exceed 20 
percent of c r i t i ca l damping. Use of an upper l imi t modal damping is 
commonly used for the design of c r i t i ca l f ac i l i t i e s to obtain conservative 
calculated seismic response. Composite modal damping values with very 
high soil radiation damping evaluated by the element stiffness weighting 
technique can be unconservative without an upper cutoff because structural 
response of combined soil-structure modes can be over-damped due to 
smearing of soil and structure damping. I t is our judgment that an upper 
cut-off on damping w i l l lead to more accurate seismic response from 
calculations based on the approximate soil-structure interaction approach 
used in this study. The calculated modal damping values and the modal 
damping values used in the response spectrum analysis are presented in 
Table E-7 for a l l modes considered. 
The frequencies of structural modes and the percentage of mass 
participating in each mode are presented in Table E-7. About 94 percent 
of the total structural mass is accounted for by the f i r s t 10 modes 
ranging in frequency from 1.40 to 5.14 Hz. The f i r s t 10 modes are qual i -
ta t ive ly described in Table E-8. By the 17th mode at 7.70 Hz, over 99 
percent of the total structural mass has been included. Thirty-six modes 
including frequencies up to 18.63 Hz have been used for evaluating struc-
tural response in order to include a l l local seismic vibration modes. 
This number of modes enabled at least 98 percent of the mass for each 
horizontal degree of freedom to participate in the seismic response. 
Individual modal responses are combined to give a total response for each 
direction of excitat ion. Responses for each direction are then combined 
to give total seismic response. Modes are combined in accordance with 
Reg. Guide 1.92 Section 1.2.2 (Ten Percent Method) which takes the abso-
lute sum of closely-spaced modes and then square-root-of-the-sum-of-the-
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squares (SRSS) combination of other modes and summed closely-spaced modes. 
Total seismic response was evaluated by SRSS combination of combined 
responses for each excitation direct ion. 
E.6 ANALYTICAL RESULTS 
Maximum seismic response displacements and accelerations are 
presented in Figures E-12 and E-13. From Figure E-12, i t may be seen 
that maximum displacements are at the top of the boiler structure with 
maximum values of 3.6 inches in the east-west direction and 5.5 inches in 
the north-south direct ion. Displacement of the turbine building steel 
frame at the top of the building 1s 1.6 inches in the east-west direction 
and from 1 to 2 Inches between Column Lines B and F in the north-south 
direct ion. North-south displacements of the concrete shear walls at 
Column Lines A and G and east-west displacements of the concrete shear 
wall along Column Line 17 are less than 0.5 Inches. The large d i f fe r -
ences in displacements and in accelerations as shown in Figure E-13, are 
due to the large differences in r i g id i t i es of the various structural 
components making up this steam plant. The boiler structure is very 
f lex ib le such that large response displacements occur while the turbine 
building shear walls are very s t i f f and have re lat ively low seismic 
response displacements. The f l e x i b i l i t y of the turbine building steel 
frame l ies between that of the boiler structure and the concrete shear 
walls. Based on the computed displacements, i t is concluded that Unit 4 
would not impact Unit 3 and the turbine pedestal would not Impact the 
operating floor during this earthquake. 
Peak accelerations, as shown in Figure E-13, are about 3 to 4g 
in the north-south direction at the wall along Column Line B in the upper 
portion of the turbine building and at the heater bay f loor . Maximum 
acceleration of the boiler structure is about 2.4g. I t is Interesting to 
note that the maximum acceleration of the foundation is about 0.56g and 
0.47g in the east-west and north-south directions, respectively, while 
the maximum earthquake ground accelerations ( i . e . , ZPA values) are 0.35 
and 0.49g in the east-west and north-south directions, respectively. 
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Thus, there has been a signif icant amplification from the ground accelera-
tion for east-west earthquake shaking. This amplification is due to so i l -
structure interaction effects as treated by this analytical model and may 
be an indication of some overconservatism in this treatment. As stated 
previously, the approach employed is that typical ly used for design 
analyses of many c r i t i ca l f a c i l i t i e s . 
In Figure E-13, i t is also interesting to note that the north-
south accelerations of the upper portion of the boiler structure along 
Column Line G are greater than those along Column Line H^. At f i r s t 
inspection, i t would be expected that Ĥ  response accelerations would 
be greater since torsional response should be greatest at this column l ine 
which is near the edge of the building and because the boiler structure 
is supported by the turbine building shear wall in this direction along 
Column Line G. Closer inspection reveals that the north-south response 
of Column Line Ĥ  occurs at a frequency of 1.4 Hz and the north-south 
response of Column Line G occurs at about 2.7 Hz (See Table E-8). At 
frequencies of 1.4 and 2.7 Hz, the north-south spectral accelerations are 
about 0.7 and l.Og, respectively as shown in Figure E-7. This difference 
in spectral acceleration is the reason that the seismic response accelera-
tions at the upper portion of the boiler structure along Column Line 6 
are larger than at the corresponding elevations along Column Line H^. 
The calculated seismic response moments and shears have been 
used to evaluate the predicted performance of El Centro Steam Plant Unit 
4. In the following discussion, the calculated seismic response and the 
estimated ultimate capacity for the structural elements of the boiler 
structure, turbine building and turbine pedestal are compared. 
E.6.1 Boiler Structure Response 
For the boiler structure, seismic response shears are obtained 
from the beam element model shown in Figure E-11. The c r i t i ca l elements 
are the diagonal braces along Column Lines 15, 16, G and Ĥ  which carry 
lateral seismic loads from upper elevations to lower elevations of the 
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boiler structure and horizontal bracing members which enable transfer of 
seismic loads in the north-south direction from Column Line H^ to G at 
each elevation of the boiler structure. Shears in Elements 1 through 6 
and 14 through 19 must be carried by diagonal braces which transfer 
lateral seismic loads between various elevations of the boiler structure. 
Shears in Elements 7 through 12 must be carried by horizontal bracing mem-
bers which transfer north-south seismic loads between Column Lines H^ 
and G. For single diagonal braces, two shear capacities are provided 
depending on whether the diagonal member is in tension or compression. 
The shear capacity of an element in which lateral seismic resistance 
consists of a single diagonal brace is the horizontal component of the 
diagonal member force corresponding to yield level for tension and 
ultimate buckling capacity (AISC Part 2 criterion as given in Reference 
E-4) for compression. For k-bracing or x-bracing, only a single shear 
capacity has been evaluated. This shear capacity is the sum of the 
horizontal components of the diagonal member forces corresponding to the 
ultimate buckling capacity for compression members and the ultimate 
tensile capacity for tension members. For k-braces, the ultimate tensile 
capacity is the lesser of the yield level or the maximum tensile force 
which can be supported by the horizontal beam member which must resist 
the unbalanced load occurring if the forces in each of the k-brace 
members are unequal. 
The elastically computed seismic-induced shears and ultimate 
shear capacities for diagonal members along Column Lines 15 and 16 in the 
boiler structure are summarized in Figure E-14. For the diagonal members 
between Elevations 1011 and 1031, the elastically calculated seismic-
induced shear is about 4.8 times the code specified ultimate shear 
capacity and as shown in Figure E-10, these members did buckle as a 
result of the 1979 Imperial Valley earthquake. For most of the other 
diagonal members along Column Lines 15 and 16, the calculated load also 
exceeded the capacity but by a lesser amount. There was no evidence of 
buckling for these members as a result of this earthquake including the 
members between Elevations 998 and 1011 for which the elastically 
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computed seismic exceeded the ultimate shear capacity by a factor of 
about 3.5. Buckling of diagonal members subjected to oscillatory loading 
such as earthquake excitation may not be apparent from post-earthquake 
observations. For the boiler structure members, the capacities are 
governed by elastic buckling and during several cycles of seismic 
response, the diagonal member might buckle and then straingten out under 
tensile load. Only members which undergo significant deformation into 
the inelastic range would remain permanently displaced such that their 
buckling could be detected following the earthquake. Furthermore, for 
k-braces or x-braces in which one member is always in tension, the 
deformations of a buckled member would be limited by the tensile member. 
As a result, it is possible that some of the diagonal members whose 
calculated seismic response exceeded the code specified ultimate capacity 
mao' have actually buckled during this earthquake even though there was no 
evidence of buckling following the earthquake. 
The elastically computed seismic-induced shears and ultimate 
capacities for diagonal members along column Line H^ are summarized in 
Figure E-15. Between Elevations 1031 and 1046, the computed load/ 
capacity ratio was 3.9 with no observed buckling and between Elevations 
1011 and 1031, the computed load/capacity ratio was 4.0 and one of these 
members was observed to have buckled following the 1979 earthquake. All 
other diagonal members along Column Line H^ had computed load/capacity 
ratios ranging from 1.4 to 2.6 with no buckling of these members observed 
following the earthquake. 
The calculated seismic shears and ultimate capacities for 
diagonal members along Column Line G are shown in Figure E-16. There was 
no buckling of these members observed following the 1979 earthquake even 
though the elastically computed seismic-induced shears exceeded the code 
specified ultimate shear capacity by as much as a factor of 4.9. 
E-15 
At several elevations of the boiler structure, there are 
horizontal braced frames acting as horizontal diaphragms as shown in 
Figure E-17. At Elevation 998, which is at the top of the reinforced 
concrete shear wall along Column Line G, the seismic-induced diaphragm 
loads are the greatest. The computed shears in th is horizontal braced 
frame and the ultimate shear capacities for the boiler structure diaphragm 
at this elevation are summarized in Figure E-17. The elast ical ly calcu-
lated seismic-induced loads are as much as a factor of 3.9 greater than 
the ultimate capacity although no buckling of these members was observed 
at any elevation of the boiler structure. 
The columns throughout the boiler structure are a l l below their 
y ie ld or buckling capacities based on their calculated seismic response 
for the 1979 Imperial Valley earthquake. No damage to these columns was 
observed following the earthquake. 
E.6.2 TURBINE BUILDING RESPONSE 
For the turbine building reinforced concrete shear walls cast 
monolithically with the exterior steel frame on the south, east and west 
sides of the turbine bui lding, the ultimate shear capacity has been 
evaluated in accordance with the ACI code (Reference E-5). For these 
wal ls, the seismic-induced shear load is carried by both the reinforced 
concrete wall and the steel frame. Based on the relat ive r ig id i t i es of 
the wall and frame, 80 to 90 percent of the shear load is carried by the 
wall and 10 to 20 percent of the shear load is carried by the frame. 
On Figure E-18, the elements in the structural model are 
graphically represented on elevation views of the turbine building walls. 
Also shown on this f igure, are the seismic-Induced shear loads and the 
ultimate shear capacities from the ACI code for each of these elements. 
Al l but one of the elements is below the ultimate capacity although the 
seismic-induced loads are signif icant such that some cracking might be 
expected. For Element 19, at the lower region of the west wal l , the 
elast ical ly computed seismic-induced load exceeds the code specified 
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ultimate capacity by 11 percent. However, i t is recognized that the 
ultimate capacity for shear walls as specified in the ACI code is conser-
vative relative to laboratory tests on shear walls. Furthermore, the 
ultimate capacity reported in Figure E-18 is based on minimum specified 
material strengths and the actual strength of the concrete and reinforcing 
steel for the turbine building walls is l i ke ly to be more than the minimum 
values. As a resul t , for the small amount of calculated seismic overload 
in Element 19, no signif icant damage would be expected. I t should be 
noted that shear stress in these walls are calculated to be generally 
greater than UO psi ( i . e . , about 2 v f ^ such that some concrete cracking 
would be expected. The highest calculated shear stress for the turbine 
building walls is 255 psi for element 19. Al l other wall elements have 
calculated shear stresses less than about 200 ps i . 
The turbine building steel frame is designed predominantly for 
lateral forces in the east-west direction as the columns are loaded about 
their strong axis for this direction motion. In addition, the shear wall 
along the south side of the turbine building carries a significant portion 
of the east-west lateral forces. As a resu l t , the turbine building 
moment-resisting steel frame responds to the east-west component of the 
1979 Imperial Valley earthquake below the yield stress level. 
For lateral forces in the north-south direct ion, the turbine 
building steel columns are loaded about their weak axis but lateral 
forces in this direction are carried by the reinforced concrete shear 
walls along the east and west sides of the turbine building. There is a 
problem in this direction in that the only effective diaphragms for 
transferring seismic-induced loads from the inter ior steel frame to the 
exterior concrete walls is the operating f loor which is 20 feet above the 
ground f loor and the concrete roof over the heater and auxil iary bays. 
The roofs over the turbine and service bays are composed of gypsum 
decking and composition roofing and are not as effective in diaphragm 
action as the concrete floors and roofs (see Figure E-19). 
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As a result of the lack of effective diaphragms for transferring 
loads from the inter ior steel frame to the exterior concrete walls, some 
of the frame elements above the operating f loor are computed to be 
strained into the plastic range when subjected to the north-south compo-
nent of the 1979 Imperial Valley earthquake. Along Column Line B, there 
is a shear wall as shown in Figure E-19 for which seismic response accel-
erations of about 4 g's in the north-south direction (see Figure E-13) are 
computed. The iner t ia l loads from this shear wall must pass down through 
the portion of the steel frame represented by Element 49 in the structural 
model to the operating f loor and then out to the east shear wal l . The re-
sult ing seismic response moments in the steel columns at this location are 
about a factor of 1.9 greater than the plastic moment capacity for these 
column sections. At Column Lines E and F, the heater bay f loor is com-
puted to have seismic response accelerations of about 3 g's in the north-
south direction (see Figure E-13). The corresponding iner t ia l loads for 
the heater bay f loor must be transferred through the portion of the steel 
frame represented by Elements 27, 28 and 38 to the roof or operating f loor 
and out to the west shear wal l . The resulting seismic response moments 
in the steel columns at these locations are from a factor of 1.2 to a 
factor of 1.8 greater than these column sections as indicated in Figure 
E-19. As mentioned previously, there was no signif icant damage in the 
turbine building as a result of the 1979 Imperial Valley earthquake even 
though the calculated seismic moments exceeded the plastic moment capacity 
for some of the steel columns by nearly a factor of 2. 
The operating f loor , heater bay f loor and the roof over the 
auxi l iary and heater bays are effective diaphragms made of metal decking 
and concrete f i l l . The shear stresses calculated in the elements of the 
structural model representing these diaphragm elements are summarized in 
Table E-9. The maximum shear stress of 253 psi is in Element 23, which 
transfers the roof loading from east-west shaking between the turbine 
building steel frame and the south concrete shear wa l l . No signif icant 
damage would be expected for any of the computed shear stresses shown in 
Table E-9 although some concrete cracking might be expected for shear 
stresses in excess of about UO psi ( i . e . , about 2 v /TT ) . 
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other less effective diaphragm action occurs at the roof of the 
turbine bay and service bays (Elements 41 and 52 for north-south motion 
and Elements 46 and 47 for east-west motion as shown in Figure E-11). 
The primary load carrying elements of these diaphragm elements are single 
angle x-bracing in the horizontal plane. The calculated seismic-induced 
loads in these diagonal members are as much as 4 times the yield capacity 
of the member. However, there was no damage in the roof observed f o l -
lowing the 1979 earthquake. I t should be noted that some of the diaphragm 
loading could have been transferred by the roof decking. The more complex 
load pattern of part of the load through roof decking and part of the 
load through horizontal bracing has not been considered herein. 
E.6.3 Turbine Pedestal Response 
The turbine pedestal is calculated to respond to the 1979 
Imperial Valley earthquake at a re lat ively low stress level . Calculated 
stresses correspond to the elastic behavior range. There was no damage 
observed at the turbine pedestal following this earthquake. 
E.7 SUMMARY AND CONCLUSIONS 
The El Centro Steam Plant was subjected to the Imperial Valley 
earthquake which occurred on October 15, 1979. I t is estimated that the 
maximum horizontal earthquake ground acceleration at the plant site was 
about 0.5g. The steel framing throughout Unit 4 of the plant was designed 
for an equivalent lateral seismic loading of 0.2g although the plant had 
additional capacity due to turbine building reinforced concrete shear 
walls which are capable of resisting lateral seismic loadings. Because 
of the lack of signif icant damage at the plant as a result of this earth-
quake even though earthquake motion spectral acceleration exceeded design 
levels by a factor of as much as 5 to 6 as shown in Figures E-7 and E-8, 
a detailed structural evaluation of the El Centro Steam Plant subjected 
to the 1979 Imperial Valley earthquake was performed and is reported 
herein as part of the NRC research project on Engineering Character-
ization of Ground Motion. The purpose of this work was to demonstrate, 
for this case, whether or not an elastic analysis based on recorded 
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earthquake ground motion would predict damage in excess of observed damage 
following the earthquake. In addition, i t is of interest to evaluate the 
factor by which e last ica l ly calculated seismic response levels exceed 
ultimate capacities. For example, studies of several structures subjected 
to the 1971 San Fernando earthquake indicated that the onset of signif-
icant structural damage should not occur at e last ica l ly calculated force 
levels less than 2.5 times the ultimate capacity for San Fernando earth-
quake ground motion. I t was expected that this evaluation of the El 
Centro Steam Plant would provide further evidence for the need to develop 
a reasonable design and analysis basis for c r i t i ca l f ac i l i t i e s which 
accounts for the "effect ive" repeatable ground motion acceleration, the 
duration of the strong ground motion and the inelastic energy absorption 
capabil i ty of ductile structures. 
Unit 4 of the El Centro Steam Plant consists of a steel braced 
frame boiler structure attached to the turbine building which is a steel 
moment-resistant frame with three exterior reinforced cont:rete shear 
walls and a structural ly Independent reinforced concrete frame turbine 
pedestal a l l on a common foundation mat. The underlying soil consists of 
deep alluvium. 
The October 15, 1979 Imperial Valley earthquake had a local 
magnitude of 6.6. Ground motion measurements in the v ic in i ty of the 
El Centro Steam Plant included Stations 8 and 9 of the Imperial Vallfey 
linear array and Station 5165 of the USGS di f ferent ia l array. I t is 
judged that Station 5165 located about 2,400 feet from Unit 4 provides a 
reasonable estimate of the ground motion at the plant site and a digit ized 
version of this recorded time history has been used for this structural 
evaluation of the steam plant. For the north-south component of motion, 
the maximum acceleration is 0.49g and the duration of strong motion, T^, 
is 2.8 seconds. For the east-west component of motion, the maximum accel-
eration is 0.35g and the duration of strong motion, TA, is 3.7 seconds. 
Thus, the El Centro Steam Plant was subjected to high acceleration earth-
quake ground shaking of moderate duration. 
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There was no significant structural damage of the plant as a 
result of the 1979 earthquake. Most notable damage was at upper eleva-
tions of the boiler structure where four diagonal bracing members buckled 
and there was permanent deformation of boiler seismic restraints. Other 
damage noted was minor concrete cracking. These structures were in no 
danger of collapse as a result of the earthquake and, in fact, were 
returned to operation on the same day of the earthquake. The buckled 
diagonals were replaced. 
A beam element, lumped mass structural model of Unit 4 was 
developed for this evaluation. So11-structure interaction was accounted 
for by soil springs attached to the foundation. Reg. Guide 1.61 damping 
values for structural elements and calculated radiation damping for soil 
elements were used to evaluate composite modal damping values. An upper 
limit of 20 percent of critical damping was imposed in a manner consistent 
with many design analyses of critical facilities. Seismic response was 
evaluated by an elastic response spectrum analysis using spectra from 
Station 5165 horizontal recorded ground motion. Calculated seismic 
response was then compared to code specified ultimate capacities to assess 
analytically predicted structure behavior based on elastic analysis and 
instrumental ground motion. 
Based upon this evaluation of the El Centro Steam Plant, there 
are two general conclusions which can be made: 
1. The seismic capacity or resistance of a structure cannot, 
in general, be directly Inferred from the design level 
earthquake motion. 
2. Elastic structural calculations based upon Instrumental 
ground motion which are typically used for design analyses 
of many critical facilities do not lead to good correlation 
between calculated and observed structure behavior. 
The seismic design basis for the El Centro Steam Plant was an 
equivalent lateral seismic coefficient corresponding to 0.2g. This 
horizontal force coefficient was applied to live and dead loads and was 
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used to design the building steel framing. Details of the design approach 
are unknown but because the design was performed around 1968, it is likely 
that the design criterion correspond to working stress values plus one-
third increase for dynamic loading as allowable stress limits. In addi-
tion, exterior reinforced concrete shear walls on three sides of the 
turbine building were added to the turbine building steel frame which had 
already been designed for the horizontal force coefficient of 0.2. As a 
result of the above factors, it may be seen that seismic resistance cannot 
be directly inferred from the design level earthquake motion. Although 
the steam plant Unit 4 structure was designed for a horizontal force 
coefficient of 0.2, that does not mean that structural failures or damage 
would be expected for earthquake ground motion greater than 0.2g. The 
lateral force coefficient ignores dynamic amplification during seismic 
response of the structure such that inertial loads at higher elevations 
in the structure for a 0.2g earthquake can be much greater than that 
corresponding to 0.2g. On the other hand, application of the lateral 
coefficient to live loads as well as the usage of very conservative 
allowable stress criteria enable the structure to resist seismic loads 
significantly greater than that corresponding to a 0.2g earthquake. 
However, a primary reason that the steam plant can resist motion 
exceeding 0.2g is the exterior concrete shear walls around the turbine 
building. These walls are significantly stronger than the steel frame 
such that they actually dominate the seismic resistance capacity of the 
turbine building even though they are additional to the basic lateral 
resistance accounted for by the Unit 4 designer. 
From the combination of factors described above, it may be seen 
that it is Impossible to infer the seismic capacity of the El Centro 
Steam Plant Unit 4 from the design earthquake level. In this case, the 
structure has considerably greater capacity than that corresponding to an 
earthquake with peak acceleration of 0.2g due primarily to the presence of 
additional concrete shear walls. It is our judgment that this situation 
is not abnormal. Most structures have additional capacity above that 
accounted for by the designer due to the existence of alternate load paths 
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not exp l i c i t l y accounted for in the design, due to strength provided by 
non-structural elements such as part i t ions, wall cladding, equipment or 
piping, e tc . , and due to the usage of conservative design c r i t e r i a . These 
factors may be one of the reasons that the conclusions of Appendix A 
( i . e . , that structures behave much better during actual earthquakes than 
would be expected based on their design cr i te r ia) are seen. 
Based upon the evaluation of El Centro Steam Plant Unit 4 
reported herein, i t is also demonstrated that even i f the above factors 
are accounted for by considering al l structural resistance mechanisms 
available, using code specified ultimate strength l imits and using re-
corded earthquake motion at the site of the structure considered, analyt-
ical approaches which are typical ly used for the design of many c r i t i ca l 
f a c i l i t i e s such as nuclear power plants s t i l l underestimate the seismic 
resistance capacity of the structure and predict more damage than was 
seen during an actual earthquake. 
The analytical ly predicted structural performance of the various 
components of the El Centro Steam Plant Unit 4 structure is summarized in 
Table E-10 in terms of the rat io of seismic response to ultimate capacity 
or by qualitative description. The only damage occurring to the steam 
plant as a result of the 1979 earthquake was buckling of diagonal members 
at upper elevations of the boiler structure. This represents localized 
minor damage which was easily repairable. Based upon post-earthquake 
examination of the structure, the steam plant was not in danger of 
collapse. Yet, based upon the e last ica l ly calculated seismic response as 
summarized in Table E-10, much more substantial damage than was observed 
would be expected. For the members damaged during the earthquake, the 
rat io of calculated seismic response to ultimate capacity is 4.0 or 
greater. For the members undamaged during the earthquake, the rat io of 
calculated seismic response to ultimate capacity is 4.9 or less. Hence, 
i t may be concluded that for the Imperial Valley earthquake and the steam 
plant structure, the onset of signif icant structure damage should not 
occur at e last ical ly calculated force levels less than about 4.0 times 
the ultimate capacity. 
E-23 
A primary reason for the lack of damage at the steam plant as a 
result of the 1979 earthquake was that the structure had substantially 
greater capacity than the 0.2g design level for the steel frame because 
of the exterior concrete shear walls on three sides of the turbine 
building. However, the calculated seismic response based on recorded 
motions from the 1979 earthquake of individual structural members exceeds 
their code specified ultimate capacities by as much as a factor of 4.0 or 
more without any signif icant structural damage. Based upon elast ical ly 
calculated seismic response, buckling of more members of the boiler 
structure and some turbine building damage would have been predicted for 
the 1979 earthquake. There are a number of reasons for the lack of 
damage seen in the boiler structure and turbine building steel framing 
including: 
1. Inelastic energy absorption capabil ity is not accounted for 
by elastic analysis. 
2. Foundation level motion may be less than is calculated by 
the analysis performed due to: 
a. spatial variation of ground motion over the foundation 
area. 
b. wave scattering or kinematic interaction phenomena. 
c. more complex soi l-structure Interaction effects than 
assumed for this analysis including some embedment 
effects. 
3. The analytical technique of employing an upper l im i t cutoff 
to composite modal damping may not f u l l y account for soil 
radiation damping and thus give overly conservative seismic 
response. 
I t is not known which of the above factors are the most 
important reasons for differences between calculated and observed 
behavior of the El Centro Steam Plant. In our judgment, a l l of these 
factors are probably signif icant. 
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I t is shown by this evaluation of the El Centro Steam Plant that 
the seismic resistance capacity cannot be direct ly inferred from the 
design earthquake level . Factors such as conservatism in the allowable 
stress cr i ter ion and strength of the structure which, for some reason, is 
not accounted for in the structural design, cause the structure to be 
capable of withstanding higher ground motion than the design level . I t 
is believed that the steam plant is not abnormal in this regard and that 
this conclusion is generally t rue. Another important conclusion to note 
is that the analytical approach employed for this evaluation, which is 
generally typical of that used for design analyses of many nuclear power 
f ac i l i t i e s u t i l i z ing elastic analysis and instrumental ground motion, 
does not lead to good correlation between calculated and observed seismic 
behavior. This method of evaluation underpredicts the seismic capacity 
of the El Centro Steam Plant by more than a factor of 4. Hence, i t is 
concluded that some or a l l of the factors such as inelastic energy absorp-
t ion capabil i ty wave scattering phenomena, more complex soil-structure 
interact ion, etc. should be Incorporated into the approach used for design 
analyses of nuclear power plants or other c r i t i ca l f ac i l i t i es such that 
rea l is t ic designs may be achieved. 
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Table E-1 
PEAK ACCELERATIONS RECORDED DURING THE 





















































* Numbers are horizontal angle from north measured clockwise 















































































































































































































































































































































































































































* 0 - free 
1 - fi xed 




3 / C E A P E L E M E N T S 
NUNBER OF BEAPS • 67 
NUMBER OF GEOPETRIC PROPERTY SETS* 52 
NUPBER OF FIXEC ENO FORCE SETS - C 



































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































LUMPED MASSES AND ROTATIONAL INERTIA 
















































































































































































































































































































































T O T A L P A S S 
X-OIRECTIOh Y-DIRECTICIt 2-DIRECTIOfi 
. 6 t 9 t 7 E « 0 2 .67487E*C2 .16e86E«02 
Note: Units are kips, inches and seconds 
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Table E-6 






















Rotation About z 
Rotation Abouty 
Spring 
St i f fness 
( k / i n ) 
4.74 X 10^ 
5.32 X 10^ 
2.32 X 10^° 
3.47 X 10^° 










*x = East-West 
y = North-South 
z = Vertical 
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Table E-7 













































































Percent of Structure 





















































































































Value Used in 
Response Analys s 
.07 
1 .10 1 
1 .10 1 

































Total Mass - N-S (Y) = 67.487 k-sec'/in 
E-W (X) = 66.987 k-sec2/in 
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Table E-8 
























N-S response of Boiler Structure along 
dolumn line H-9 
E-W response of Boiler Structure and 
Turbine Building Steel Frame 
N-S response of upper Boiler Structure 
along column line G 
2nd Mode for E-W response of Boiler 
Structure and Turbine Building Steel 
Frame 
2nd Mode for N-S response of Boiler 
Structure along column line H-9 
N-S response along column lines E and F, 
some soil response 
N-S response along column line B 
N-S soil response, N-S response of 
column lines B, E and F 
E-W soil response 
N-S response of column line B 
Higher Mode E-W Turbine Building Boiler 
Structure response, soil response 
E'.33 
Table E-9 
SHEAR STRESSES IN 
METAL DECK-CONCRETE FILL DIAPHRAGM ELEMENTS 
Element 























































SUMMARY OF CALCULATED SEISMIC BEHAVIOR 
FOR EL CENTRO STEAM PLANT UNIT 4 SUBJECTED TO 
THE 1979 IMPERIAL VALLEY EARTHQUAKE 
Structure 
1. Boiler Structure 
a. Diagonal Bracing 
b. Horizontal Bracing 
Diaphragm 
c. Boiler Structure 
Columns 
2. Turbine Building 
a. Concrete Shear 
Walls 
b. Steel Frame 
c. Diaphragms 
3. Turbine Pedestal 
Calculated Behavior 
For members that actually buckled during 
the earthquake, the response/capacity 
ratio ranged from 4.0 to 4.8. For members 
which did not buckle, response/capacity 
was as high as 4.9 in one case, but 
but generally below 4.0 
Response/capacity ratios were as large as 
3.9 with no observed damage. 
Elastic behavior below ultimate buckling 
capacity for seismic loading. 
Elastic response/capacity ratio was 1.11 at 
bottom of west wall and below 1.0 for all 
other walls. 
Elastic behavior for east-west excitation. 
Seismic response nearly double plastic 
moment capacity for weak axis bending of 
interior columns subjected to north-south 
excitation with no observed damage. 
Concrete diaphragms have shear stresses 
ranging from about 50 to 250 psi. Hori-
zontal bracing angles exceed yield by as 
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FIGURE E-1. PLOT PLAN OF THE EL CENTRO STEAM PLANT (REFERENCE E-1) 
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FIGURE E-2. ELEVATION DRAWING, LOOKING WEST AT COLUMN LINE B, OF THE 
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El Centre Steam Plant imperial ( ) 
(USGS Station No. 5165) 
Epicenter 
10/15/79 
FIGURE E-5. MAP OF THE IMPERIAL VALLEY, CALIFORNIA, SHOWS THE IMPERIAL 
FAULT AND THE EL CENTRO STEAM PLANT SITE. ALSO SHOWN IS 
THE STRONG MOTION ARRAY THAT STRADDLES THE FAULT. (REFERENCEE-1) 
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Quadrangle: El Centro, California. 
Coordinotes; 32° 47' 42" N 
115° 32' 55" W 
Location: N.W. corner of intersection of 
Third St. and Commercial Ave. 
Structure: T*o story, heavy, reinforced concrete 
building. 
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FIGURE E-6. STEAM PLANT AND ADJACENT GROUND MOTION INSTRUMENT STATIONS 
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FIGURE E-7. NORTH-SOUTH GROUND MOTION TIME HISTORY AND RESPONSE 
SPECTRUM FOR THE OCTOBER 15, 1979 IMPERIAL VALLEY 
EARTHQUAKE RECORDED AT U.S. GEOLOGICAL SURVEY STATION 
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FIGURE E-8. EAST-WEST GROUND MOTION TIME HISTORY AND RESPONSE 
SPECTRUM FOR THE OCTOBER 15, 1979 IMPERIAL VALLEY 
EARTHQUAKE RECORDED AT U.S. GEOLOGICAL SURVEY STATION 
MO. 5165 (REFERENCE E-1) 
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FIGURE E-9. ELASTIC RESPONSE SPECTRA, DIFFERENTIAL ARRAY (USGS STATION 









I E l . 1,0i*6' 
/ 
/ E I . 9̂ 9' 
7- /r 
y^ 
y. V v 
7- irr? 
(js) (Js) 




Column L ineQ^ Column Line(T5) Column LinelH 
FIGURE E-IO. DIAGONAL MEMBERS IN THE UNIT 4 BOILER STRUCTURE WHICH BUCKLED DURING THE 1979 IMPERIAL 
VALLEY EARTHQUAKE 
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FIGURE E-11. STRUCTURAL MODEL 
Legend 
(3.6, 2.9) = 
• 
3.6 inch max east-west 
displacement and 2.9 








•Maximum displacement of all foundation nodes 
FIGURE E-12. MAXIMUM ELASTICALLY CALCULATED SEISMIC RESPONSE DISPLACEMENTS 
Legend 
(1.57,1.79) = 1.57g maximum east-west 
acceleration and 1.79g 
maximum north-south 
acceleration 
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••(C) = Compression 
(T) = Tension 
FIGURE E-14. SEISMIC RESPONSE SHEARS & SHEAR CAPACITIES FOR COLUMN 




































FIGURE E-15. SEISMIC RESPONSE SHEARS & SHEAR CAPACITIES FOR COLUMN 
























FIGURE E-16. SEISMIC RESPONSE SHEARS & SHEAR CAPACITIES FOR COLUMN 

























•(C) = Compression 
(T) = Tension 
ST6W18 
FIGURE E-17. SEISMIC RESPONSE SHEARS & SHEAR CAPACITIES FOR BOILER 
DIAPHRAGM BRACING AT EL 998 # 
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- Element number of 
structural, model 
(see Figure 11) 
- Total calculated 
seismic shear 
- Shear carried by 
steel frame 
- Shear carried by 
concrete wall 
- Ultimate shear 
capacity(ACI Code) 
FIGURE E-18. TURBINE BUILDING CONCRETE WALL LOADS AND CAPACITIES 
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FIGURE E-19. TURBINE BUILDING STEEL FRAME NORTH-SOUTH SEISMIC RESPONSE 
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